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Masonry arch bridges have played a significant role in the road and rail 
transportation network in the world for centuries. They are exposed to damage due to 
overloading and deterioration caused by environmental actions. In order to re-
establish their performance and to prevent their collapse in various hazardous 
conditions, many of them require strengthening. Fibre reinforced polymer (FRP) 
systems are increasingly used for repair and strengthening of structures, with 
particularly widespread application to concrete structures. However, the application 
of FRP composites to masonry structures is less well established due to the 
complexity of masonry caused by the material discontinuity. FRP strengthening 
masonry arch bridges has been even less studied due to the additional complexity 
arising from the co-existence of the normal interfacial stress and the shear interfacial 
stress at the curved FRP-to-masonry bondline. This thesis presents an extensive 
study investigating the behaviour of FRP strengthened masonry bridges.  
The study started with a laboratory test of a two span masonry arch bridge with sand 
backfill. A single ring arch bridge was first tested to near failure, and then repaired 
by bonding FRP into their intrados and tested to failure. It was found that the FRP 
strengthening not only improved the loading capacity and stiffness of bridge, but also 
significantly restrained the opening of cracks in the masonry. Shear and peeling 
debonding of FRP was observed.  
There have been two common strategies in finite element (FE) modelling of FRP 
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strengthened structures in meso-scale: direct model and interface model. The former 
is necessary when investigating the detailed bond behaviour but challenges remain 
due to the difficulties in concrete modelling. A new concrete damage model based on 
the plastic degradation theory has been developed in this study to study the bond 
behaviour of FRP strengthened concrete structure. This robust model can 
successfully capture this bond behaviour and simulate the entire debonding process. 
A numerical study of masonry arch bridges including the backfill was conducted to 
study the behaviour of masonry arch bridge. A total of four modelling strategies were 
examined and compared. Although they all can successfully predict the behaviour of 
arch, a detailed solid model newly developed in this study is more suitable for 
modelling both plain masonry and FRP strengthened structures. 
Finally, a numerical study of bond behaviour and structural response of FRP 
strengthened masonry arch structures with sand backfill was conducted. In addition 
to the masonry and backfill, the mixed mode interfacial behaviour was modelled by 
the aforementioned interface model strategy and investigated in detail to achieve a 
deeper understanding of the behaviour of FRP strengthened masonry arch structures. 
The results are in close agreement with test results, and highlight the influence of the 
key parameters in the structural response to failure and revealed the mechanisms on 
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1. 1 Background 
A safe and efficient transportation network is essential to the freedom, civilization 
and prosperity of modern society. By their nature, bridges are essential elements in 
the road, railway and waterway transport networks worldwide. For each type of 
bridges, there exists a relationship between the structural form of a bridge and 
materials used for its construction. Arches make up the majority of bridge 
constructions because of their loading bearing and ornamental function.  
Masonry is an ancient and still very commonly used construction material. Many 
historic masonry structures are characterized by the presence of arches and vaults. 
Masonry has been adopted as bridge materials through historical periods, from the 
Roman time to the Modern Age. A masonry arch is constructed using a temporary 
falsework, or centring. This centring is traditionally of timber but steelwork 
nowadays, and provision must be made, by means of wedge or some similar device, 
to remove the falsework once the arch has been completed (Heyman, 1982).  Modern 
forms of masonry arch bridge, such as, FlexiArch developed by the Queen’s 
University Belfast (Quinn et al., 2011), do not require centring. Obviously, the arch 
ring forms the basic structural component of the arch bridge. At least some of the fill 
must be placed over the extrados of the arch in the region between abutments in 
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order to stabilize the arch ring. The fill is retained by spandrel walls built on the two 
sides of the bridge. Figure 1.1 shows the components of a masonry arch. The 
voussoir, like bricks, is a brittle material with high compressive strength. The mortar 
between voussoirs and the interfaces between them are usually very weak in tension, 
so that, there is very weak tensile strength between the bricks. The compressive 
strength of mortar are generally smaller compared to the voussoirs material (Heyman, 
1969). There are commonly three key assumptions when formulating the material 
properties of masonry: sliding failure cannot occur; masonry has no tensile strength 
and infinite compressive strength. Therefore, masonry arch bridges must work in 
compression dominated states.  
 
Figure 1.1 Components of a typical masonry arch 
The condition that masonry must work in compression means that the internal forces 
must be transmitted within the masonry itself. It implies that the stress resultant must 
locate within the profile of the arch. The line formed from every section is named the 
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line of thrust. A hinge forms once the thrust, the compressive stress resultant, reaches 
the edge of the arch. These cracks usually alternate between the intrados and 
extrados of the arch. The entire arch usually fails when sufficient hinges (usually at 
least four hinges) are formed to turn the arch to a mechanism.  
Many masonry arch bridges are hundreds of years old. The amount of traffic on road 
or railway arch bridges has exploded since they entered service. In addition, the 
overtime service and extreme loading conditions may cause damage and eventually 
leads to failure of the structure. Restrictions to the operation of bridges or their 
closure can have significant effects on transport networks. The contribution of 
strengthening materials and repair techniques may be required to re-establish their 
performances and to prevent the collapse of the structures in hazardous conditions. In 
addition, in order to extend the service life, and/or increase the load carrying capacity 
of the masonry arch structures, or repair damaged masonry arches, retrofitting 
techniques are needed to achieve these demands.  
Some of the traditional retrofitting techniques for masonry arches, such as, 
dismantling and remounting with possible improved material substitution (Basilio, 
2007), installation of stainless steel reinforcements in the near surface zones of 
masonry (Sumon, 1997), installation of the iron cramps (Heyman, 1996); widely 
adopted in the world to ensure an adequate improvement of strength, stiffness and 
ductility of masonry arches, but they are often short-lived, labour intensive, and 
unsatisfied to the aesthetic requirements. For example, the results of remounting with 
improved materials depend on the material properties and the results of dismantling 
Chapter 1 
 4
work. The installation of stainless steel reinforcements in the near surface zones of 
masonry is a labour consuming technique.  
Among the innovation techniques to rehabilitate deteriorated structures, there has 
been an increasing interest in external bonding of fibre reinforced polymer (FRP) 
composites. FRP composites are produced by embedding fibres in a resin matrix that 
binds the fibres together. FRP composites are commonly classified based on the 
types of fibre: glass fibre reinforced polymer (GFRP); carbon fibre reinforced 
polymer (CFRP); basalt FRP and aramid fibre reinforced polymer (AFRP). The 
fibres are oriented in preferred directions, and thus FRP composites are anisotropic 
materials. Compared with steel, the advantages of FRP bonding system is its 
excellent corrosion resistance and high strength which is normally at least twice but 
can be over ten times as high as that of mild steel while the weight is only about 20% 
of steel. Their high corrosion resistance can ensure durable performance, while the 
high strength-to-weight ratio leads to easy handling and labour cost reduction (Teng 
et al., 2002). FRP composites are generally linear-elastic brittle. The modulus of 
elasticity varies from 30% and 130% (more for CFRP) of that of steel. CFRP 
composites are usually stiffest and strongest.  
FRP bonding system has been widely used as an innovative solution to strengthen 
and repair existing concrete and steel structures due to the aforementioned benefits. 
The most common application of FRP bonding system in retrofitting is as an external 
reinforcement for structural elements by bonding FRP over the surface. Typical 
applications are as tension reinforcement of beams and slabs; shear reinforcement of 
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beams, beams-column joints, and walls; and as confinement reinforcement of 
columns. The small thickness of the FRP bonding system makes it an attractive 
technique as it would not change the appearance, which is especially important for 
historical buildings. 
Debonding of FRP is a common failure mode and occurs within adherend or 
adhesive materials or at the interfaces between them, following the weakest path. 
The bond failure usually initiates at a high stress concentration region, at material or 
geometrical discontinuities, or at pre-existing cracks. Possible debonding failure 
paths in an FRP-to-concrete/masonry interface are: 1) in the concrete substrate near 
the adhesive-concrete interface; 2) at the concrete-adhesive interface; 3) within the 
adhesive layer; 4) at the adhesive-FRP interface; 5) within the FRP itself. Some 
times multi debonding mechanisms can take place. Modes 3 and 4 rarely occur 
because the high strength of the adhesive usually used for bonding FRP. Also mode 5 
is not a common failure due to the high strength of FRP. Mode 1 is the one that takes 
place in most of the strengthened structures, and this is the most likely failure mode.  
Compared with FRP strengthened concrete structures, only a small number of studies 
have been devoted to FRP strengthened masonry structures, especially masonry arch 
structures. This is largely because of the complexities arising from material 
discontinuities of the masonry and the mixed mode interface behaviour in curved 
bond line between FRP and masonry arches. Much of the research into FRP 
strengthening for masonry to date has been concerned with walls subjected to in-
plane loading (Alcaino and Santa-Maria, 2008; ElGawady et al., 2005b; Stratford et 
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al., 2004; Triantafillou, 1998; Turek et al., 2007) and out-of-plane loading (Albert et 
al., 2001; Ehsani et al., 1999; Hamoush et al., 2001; Kuzik et al., 2003; Paquette et 
al., 2001; Triantafillou, 1998). The out-of-plane bending of walls is relevant to the 
four hinge mechanism failure in arches, as there is a similar interaction between the 
FRP, the opening of flexural cracks in the walls, and the reliance upon the adhesive 
joint between the FRP and the masonry. Wall elements, however, do not have the 
curvature as in arches.  
A small number of studies have been conducted on FRP strengthening of masonry 
arches and vaults. Barrel vaults are similar in appearance to arches. However, the 
extrados of vaults is often accessible for strengthening. It also might not be 
acceptable to apply FRP to the intrados of vaults for the consideration of aesthetics. 
FRP composites restrain the opening of flexural cracks in the arch thus delay on set 
of cracking, but they do not prevent crack formation (Drosopoulos et al., 2007; 
Foraboschi, 2004). By restraining the growth of flexural cracks it is possible to 
prevent the hinge mechanism failure (De Lorenzis, 2008; Foraboschi, 2004), and it 
has also been demonstrated that the lateral abutment thrust is reduced (Bati et al., 
2007; De Lorenzis et al., 2007). Increasing the hinge mechanism failure load, 
however, means that other failure modes may become more critical. Debonding is 
one possible failure mode and has been rarely investigated, especially the local 
debonding mechanics.  
Chapter 1 
 7
1. 2 Objectives and methodologies 
The main purpose of this research was to deeply investigate the behaviour of FRP 
strengthened concrete masonry arch bridges, and the bond behaviour between FRP 
and concrete masonry structures.  It is worth noting that the stone or clay brick are 
more commonly used in the practical masonry arch structures. The reasons why this 
study focused on the concrete masonry are the arch bridge in the test was made from 
the concrete masonry; the constitutive model of concrete developed in this study is 
expected to be used for the concrete structures as well. A carefully designed 
experimental study was conducted first. In order to investigate the behaviour of such 
strengthened structures, several numerical studies were conducted on modelling of 
FRP strengthened concrete substrates using a concrete damaged plasticity model 
available in the ABAQUS, eventually on modelling of concrete masonry arch 
bridges with backfills, and modelling of FRP strengthened concrete masonry arch 
structures. The following tasks will be addressed in this thesis: 
1) Investigating the global responses and local mechanics of FRP strengthened 
concrete masonry arch structures, especially the bond between FRP and masonry 
arches. It will be achieved through a well designed experimental study on a larger-
scale model. 
2) Reviewing the existing numerical studies on the bond behaviour between FRP-to-
concrete, and eventually developing a novel concrete damage model to accurately 
simulate the bond behaviour between FRP and concrete. This numerical model can 
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be used for the further studying of local bond behaviour. The constitutive model of 
concrete was used to model concrete masonry in the following tasks. 
3) Reviewing the existing numerical studies on masonry arch structures, and 
applying different methods to model masonry arches. Behaviour of masonry arches 
and the interaction between the arch and sand backfill will be investigated using the 
successful models. An advanced FE model was used to simulate FRP strengthened 
concrete masonry arches. 
4)  Reviewing the existing numerical studies on FRP strengthened concrete masonry 
arches, and use the model developed from the unstrengthened arches combined with 
an interface model for FRP-to-masonry bond joint to simulate the strengthened 
arches. The behaviour of the strengthened masonry arches will be investigated. 
1. 3 Structures of thesis 
This thesis is divided into seven chapters including this introductory chapter, a 
chapter on literature review and four core chapters followed by a conclusion chapter. 
A brief introduction for each chapter is described following: 
Chapter 2 reports a comprehensive literature review about masonry arch structures 
and FRP strengthened structures. It includes the behaviour of both unstrengthened 
and strengthened masonry arch structures, and numerical and analytical studies on 
both types of structures. 
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Chapter 3 reports a well-designed experimental study on a larger scale (one third) 
two span masonry arch bridge built in 1996. The bridge was loaded until a four hinge 
mechanism was formed and then repaired by externally bonding FRP composites 
into their intrados, and then loaded again to failure. A great amount of data was 
collected and the behaviour of the structure was investigated. The debonding process 
was studied, both case sensitive and general conclusions are drawn. 
Chapter 4 develops a finite element (FE) model to simulate the bond behaviour of 
FRP-to-concrete. It is worth nothing that the purpose of this chapter is to develop a 
constitutive model of concrete for the later chapters. That was the reason why this 
chapter only focused on the FRP-to-concrete instead of FRP-to-concrete masonry 
which includes concrete (voussoirs) and mortar. After reviewing existing numerical 
studies, a new concrete damaged plasticity model was developed which successfully 
simulates the entire process of debonding failure. The proposed model is validated 
against a large amount of test data. The bond-slip relationships extracted from the 
proposed model are compared with test data and existing models to show its 
accuracy.  
Chapter 5 reports a numerical study on concrete masonry arch structures with 
backfills. Four different models are developed to model the test on the 
unstrengthened masonry arch bridge reported in chapter 3. The accuracy and 
suitability of each model are compared. An advanced detailed solid model is finally 
developed to be used to model the FRP strengthened masonry arch bridges in the 
next chapter. Apart from the study on the behaviour of masonry arch bridges, the 
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effects of several key parameters involved in both masonry and backfill are 
investigated.  
Chapter 6 develops a FE model to simulate the FRP strengthened concrete masonry 
arch bridges. The proposed model included a detailed solid model for masonry 
arches and an interface model for bond joint of FRP-to-masonry. The behaviour of 
FRP strengthened masonry arches is investigated and several parameters are 
analysed to address their effects, especially the interface model of FRP-to-concrete 
masonry.  
Chapter 7 summarises the most significant contributions and findings of this thesis. 
Future research related to this work will be identified and some recommendations are 
made to improve the current understanding of the FRP strengthened concrete 





2. 1 Introduction 
Masonry structures have been used for centuries. They have excellent aesthetic 
appeal and long-term durability. Many of these historic masonry structures have 
survived for centuries across the world, and most are historic structures that survive 
in active service largely due to the inherent stability of the arch form.  
Masonry arch bridges are an important part of many countries’ rail and road transport 
infrastructure. The combined effects of modern traffic loads for which they were not 
designed, and degradation of the masonry mean that some of these bridges suffer 
from significant damage. It is important to safeguard and extend the life of these 
structures, especially where arch bridges form critical links in the transport network 
and where major disruption would result from their closure (Boothby et al., 1998).  
Masonry is an assemblage of masonry units (bricks or blocks) that are joined with 
mortar. Masonry structures are dominated by their composite behaviour (Lourenço, 
1996). Masonry usually has a high compressive strength, but a lack of tensile 
strength. Failure of the masonry is generally governed by a mechanism type failure 
which is directly related to the arch ring thickness, the type and density of backfill 
and the height of the backfill at the crown.  
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For a single ring masonry arch bridge, based on the researches from Boothby (1995) 
and TRL reports (Crisfield, 1985; Hendry et al., 1985; Hendry et al., 1996), an arch 
bridge can collapse as a results of five possible collapse modes:  
a) shear (sliding) mechanism Figure 2.1a;  
b) hinge mechanism Figure 2.1b;  
c) combined shear and hinge mechanism Figure 2.1c;  
d) ring separation for a multi-ring masonry arch bridge; 
e) the crushing mode, which occurs at a few conditions: an extremely flat arch with 
tie-rods at the springing, made of poor-quality masonry and loaded symmetrically 
(Foraboschi, 2004). Crushing failure is usually in combination with hinge 
development (Hughes and Blackler, 1997); and 
f) the snap-through failure mode, which was identified in a full-scale experimental 
studies reported by Page (1993). During a snap-through failure, the hinges start to 
form but instead of the final gradual formation and rotation of the hinges a rapid 
change of the local geometry occur with the section of arch under the load snapping 
through (Harvey, 1988; Hughes and Blackler, 1997). That means the bridge failed by 
snap-through due to the relatively large deflection before the failure mechanism 
would occur (Yang, 1991). Snap-through mode is considered more likely to occur in 
the shallow thin arches (Hughes and Blackler, 1997).  
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The critical failure mode is the four hinge mechanism (Heyman, 1982), the critical 
loading position is usually between one third to quarter span depends on the 
properties of the fill (Hughes, 1995; Quinn et al., 2011). Shear or crushing modes are 
unlikely to occur because the critical loads are well above that of the hinge 
mechanism (Audenaert et al., 2007; Foraboschi, 2004; Heyman, 1982). In multi-ring 
arch bridges, ring separation failure mode may be occurred as well (Gilbert and 
Melbourne, 1994).   
 
Figure 2.1 Collapse modes of a masonry arch 
Fibre-reinforced polymer (FRP) composites are increasingly used for bridge repair 
and strengthening, with particularly widespread application to concrete structures 
(ACI, 2008; Concrete Society, 2004). The FRP is adhesively bonded to the surface of 
the existing structure, where it provides tensile capacity and restrains the opening of 
cracks. FRP has the advantages of a low weight to strength ratio, short installation 
(a) Shear mechanism (b) Hinge mechanism 
(c) Combined shear-hinge mechanism 
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periods and minimal intervention upon the structure (Teng et al., 2002). The small 
thickness of FRP required for strengthening is especially important for historic 
bridges, as it minimizes changes to the bridge’s appearance. The application of FRP 
composites to masonry structures is less well established, although it has been the 
subject of research and development in recent years (De Lorenzis, 2008), 
demonstrating that FRP can be used to upgrade the structural performance of a 
variety of masonry elements, and has resulting in design guidance being issued by 
the National Research Council in Italy (CNR, 2004) and by the American Concrete 
Institute (ACI, 2007). Further work is required, however, to apply FRP strengthening 
to increase the load capacity and enhance the performance of masonry arch bridges. 
This literature review firstly considers the fundamental behaviour and theories about 
masonry arch structures and FRP strengthened structures, then focuses on the 
existing studies on FRP strengthened masonry arch structures, and finally reviews 
the numerical and analytical studies on the FRP strengthened masonry arch bridges. 
2. 2 Masonry structures 
Masonry is a construction material where a larger number of small modular units, 
either natural or artificial, are assembled together, typically with mortar, to form a 
predominantly compression structure (Drysdale et al., 1994). Masonry had been used 
as a primary construction material for centuries. Although there have been several 
studies, such as, Lourenço (1996; 1998); Atkinson, et al. (1989); Heyman (1982; 
1996), devoted to the behaviour of the masonry structures, it needs to be emphasized 
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that the analysis of masonry structures is still a challenge because masonry is a 
composite material and the movement of thrust line which can be difficult to assess, 
thus its behaviour is complex. In this section, the material properties of masonry are 
reviewed first. The masonry arch structures and its behaviour are then discussed.  
2.2.1 Materials properties of masonry constituents 
The properties of masonry are strongly dependent on the properties of its constituents. 
Masonry simply refers to brickwork or stonework. There are three components 
included in masonry:  the masonry unit, the mortar, and the interface between the 
unit and the mortar (Lourenço et al., 1998). The masonry constitutive relationship is 
complex due to the composite material and the distinguishing material properties. 
Masonry structures are thus dominated by their composite behaviour, the geometry 
and the backfill. The assembly of units into masonry structures creates a form which 
has its own particular property of plastic deformability (Heyman, 1996). 
The most common units in masonry constructions are stones (both regularly and 
irregularly shaped), bricks, concrete blocks, stucco or tiles (Heyman, 1982; Heyman, 
1996). A masonry unit (stone or brick) is essentially a brittle material and lacks 
ductility. The brick’s properties are generally related to its types. In general, a brick 
usually has adequate compressive strength, which makes the compression failure is 
rarely. It is difficult to relate the tensile strength of the masonry unit to its 
compressive strength due to the different shapes, materials, manufacture processes 
and volume of perforations of the units (Lourenço and Rots, 1997; Lourenço et al., 
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1998). However, because quasi-brittle materials like masonry units, rock or concrete, 
fail due to the progress of internal crack growth. Therefore, constitutive models for 
concrete, such as the Drucker-Prager failure criterion (Domède et al., 2009; Giordano 
et al., 2002; Thavalingam et al., 2001) and the William and Warnke model (Fanning 
and Boothby, 2001),  could be used to model a masonry unit (Lotfi and Shing, 1994; 
Lourenço, 1996). 
Mortar is composed of cement and/or lime, sand and water. Ancient mortar was 
made by mixing of sand and lime and sometimes, a mixture of sand, clay and water 
also known as “adobe” (Vermeltfoort, 2005). Although the lime mortars are still used 
in the repair of historic structures, lime has been replaced by cement and a mixture of 
sand and cement in the new constructions. Modern mortar is made of many 
constituents, inorganic materials, sand and sometimes admixtures mixed together in 
proper ratios for specific application (Juhásová et al., 2008). The properties of mortar 
thus depend on the proportions of these constituents (Ricamato, 2007); for instance, 
mortar with a high water cement ratio has lower compressive strength than one with 
a low water cement ratio.  
This interface is the weakest link in the masonry assemblies, and it is one of the most 
important features of masonry behaviour.  Two different phenomena occur in the 
unit-mortar interface, one associated with tensile failure (mode-I) and the other 
associated with shear failure (mode-II). The interface between unit and mortar is 
usually very weak in tension due to its negligible adhesion (Heyman, 1996), so that, 
there is nothing to prevent the pulling apart action. There is no widely known 
Chapter 2 
 17
equation to calculate the tensile strength and the mode-I fracture energy of the 
interface. It is suggested that both parameters are defined from test results (Fanning 
and Boothby, 2001; Lourenço et al., 1998). Pluijm (1997) introduced a displacement 
controlled test in small masonry specimens of solid clay and calcium-silicate units. 
These tests resulted in an exponential tension softening curve with a mode-I fracture 
energy ranging from 0.005 to 0.02Nmm/mm
2
 for a tensile strength of the interface 
ranging from 0.3 to 0.9MPa. Shear strength at the interface comes from friction due 
to the asperities between the surface of mortar and the surface of the unit, and the 
chemical bond between mortar and brick units (Lourenço and Rots, 1997). 
Confinement perpendicular to the interface further increases its shear strength and 
the mode-II fracture energy because the asperities cannot easily slide over one 
another, which is the Mohr-Coulomb behaviour. The arch form is thus maintained 
due to the friction generated between the masonry units by self-weigh of backfill as 
well as bricks, and, as the friction coefficient is very high, sliding failure usually does 
not occur (Heyman, 1982).  
2.2.2 Materials properties of masonry composite 
The properties of masonry are different to those of each of its components because 
masonry is a composite material composed of units, mortar and the interface between 
them.  
There are five types of failure modes that characterize masonry (Atkinson et al., 1989; 




(a) cracking of the joints caused by the tension loading perpendicular to the bed joint; 
(b) sliding along the unit-mortar joints;  
(c) cracking of the units in direct tension when the tensile loading parallel to the bed 
joints;  
(d) diagonal tension cracking of the units at values of normal stress sufficient to 
resist the sliding along the joints; and 
(e) splitting of the units in tension as a result of mortar dilatancy at high values of 
normal stress. This can be explained as follows: the masonry prism expands laterally 
in the plane normal to the direction of loading. However, the stiffer units expand less 
than the softer mortar, and restrain the expansion of mortar. Consequently, masonry 
units experience a compression-bilateral tension state of stresses. 
It is clear that modes (a) and (b) are joint failure mechanism, (c) is the unit failure 
mechanism, and (d, e) are combined mechanism in both units and mortar. In 
mechanism failure, the joint opening failure is caused by the failure mechanism (a) 




Figure 2.2 Failure modes of masonry: (a) joint tensile failure; (b) joint slipping 
failure; (c) unit tensile failure; (d) unit diagonal tensile cracking failure; (e) masonry 
crushing (redrawn after Lourenço et al. (1998)) 
2.2.3 Masonry arch structures 
Masonry arches can be classified into different categories. The common categories 
are by (a) types of construction materials, (for example, stone masonry arches, brick 
masonry arches, block masonry arches); (b) by type of structure, (for example, bridge 
masonry arches, building masonry arches); (c) by type of structural system, (for 
example, the three-pinned arches, two-pinned arches); (d) and by shape, (for example, 
round arch or semi-circular arches, elliptical arches, etc).  





Figure 2.3 Typical parts of masonry arch (redrawn from Fanning et al. (2001) and 
Heyman (1982)) 
The details of parts of masonry arch are shown in Figure 2.3. Each structural element 
of masonry arches has a specific function or plays a general function by interaction 
with other elements. It is important to understand these functions so as to be able to 
judge the capacity and performance of an arch. The critical elements of a typical 
masonry arch bridge as shown in Figure 2.3 are: 
a): Arch barrel: The main element of a masonry arch bridge made up of a single or 
multiple layers of voussoirs. This is the basic load bearing element of an arch bridge. 
b): Spandrel and Wing Wall: The spandrel is an area, while spandrel wall is a 
masonry wall built at this area at the edges of the barrel to limit and retains the 
backfill materials. Wing wall has the same function as spandrel wall but it located at 
the bridge abutment, beyond the bridge (Fanning et al., 2001; Heyman, 1982; 
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Hughes and Blackler, 1997). 
c): Extrados and Intrados: They are the outer and inner profiles of an arch barrel, 
respectively. 
d): Backfill: This transfers load from the roadway to the backfill, which is then 
distributed on to the arch ring. The backfill also resists lateral movement of the arch 
(Fairfield and Ponniah, 1994; Royles and Hendry, 1991). The vertical dead weight of 
backfill effectively pre-stress the masonry arch, thereby increasing its load carrying 
capacity (Gilbert and Melbourne, 1994; Heyman, 1980). The backfill also has two 
other beneficial effects: it disperses the live load; and it can provide a passive 
restraint to the movement of the arch. All of above effects can potentially 
significantly enhance the carrying capacity of a masonry arch bridge (Harvey, 1988; 
Heyman, 1982; Hughes et al., 2002). 
e): Pier and Abutment: A pier is an intermediate support for bridges with more than 
one span, and the abutment is the end support of the bridge. Both provide resistances 
to the vertical forces and push forces of the arch (Heyman, 1982; Heyman, 1996).  
Most masonry arches are constructed using a temporary falsework, or centreing. The 
FlexiArch has no centreing which are designed by the Queen’s Belfast University 
(Quinn et al., 2011; Taylor et al., 2007). This centreing is traditionally of timber and 
steelwork nowadays, and provision must be made, by means of wedge or some 
similar device, to remove the falsework once the arch has been complete (Heyman, 
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1982). The arch ring is a critical structural element and comprises wedge-shaped 
stones or normal building bricks called voussoirs, and a keystone located at the 
crown. The keystone has the same function as other voussoirs in structural proposes, 
therefore, it is not compulsory to be used. The keystone is the highest and last placed 
stone, and there are series of keystones across the width of the bridge. The keystone 
is used for construction purpose, making striking the falsework easier once the arch 
is complete (Heyman, 1982). Once the arch barrel is completed, the spandrel walls 
are constructed to stabilize the arches.  
The extrados of the arch is to be filled with loose materials, such as soil, to increase 
the stability of the arches. The road is then paved and other necessary things like 
parapets are provided. 
2.2.4 Structural behaviour of masonry arch 
Masonry must act in compression. It results in a severe geometrical limitation for an 
arch: the internal forces must be transmitted within the masonry. The point of 
application of the stress resultant in every section must lie within the profile of arch. 
The profile of these points forms a curve as shown in Figure 2.4, which is named the 
line of thrust (Heyman, 1982). Safety is maintained as long as the line of thrust is 
kept inside the thickness of the arch. The shape of the thrust line depends upon the 
applied loads to the arch and can be determined mathematically (Heyman, 1982). 
When the load distribution produces an equilibrium state with a sufficient number of 
hinges that form a mechanism of collapse, the structure will fail. The collapse does 
Chapter 2 
 23
not involve strength failure, but a stability failure (mechanism failure) (Heyman, 
1982). This mechanism failure is caused by the aforementioned failure mode of 
cracking in the unit-mortar joints.  
 
Figure 2.4 Thrust line in a masonry arch 
The presence of the backfill significantly affects the arch behaviour. The fill material 
increases the stability of arch, either directly by inducing additional compression in 
the arch, or indirectly by allowing a dispersion of the concentrated forces over 
greater lengths and widths, and provides a passive lateral restraint to the arch by its 
interaction with the surrounding soil medium (Betti et al., 2008; Fanning and 
Boothby, 2001). The sufficiently stiff backfill material can carry compressive force 
as well. These benefits lead to an increase of the load carrying capacity of the arches. 
(Gilbert and Melbourne, 1994; Heyman, 1980).  
The behaviour of the masonry arch bridge is therefore influenced by the interaction 
of the structural elements of masonry arch itself and the backfill. The properties of 
the backfill materials and the interaction between the backfill and the arch also play 
an important role in the loading carry capacity of an arch. Interactions of structural 




elements, geometry of the arch bridge and materials properties are important aspects 
when looking at the behaviour of masonry arch bridges. 
2.2.5 Masonry arch analysis methods 
Over the years, there have been four common methodologies developed to assess and 
analyse the behaviour of the masonry arch (Gilbert et al., 2006; Hughes and Blackler, 
1997; Ng, 1999).  
a) The semi-empirical method, the prime one is MEXE (Military Engineering 
Experimental Establishment). The MEXE method is based on a classic elastic 
analysis by Pippard who modelled the arch barrel as linear elastic, segment in shape, 
pinned at both ends and carrying an axle load. The ultimate load determined by this 
method is modified by a number of highly subjective parameters. The MEXE method 
is known to be over-conservative but is quick and easy to use (Hughes and Blackler, 
1997).  
b) The mechanism method, the classical mechanism method established by Heyman 
(1982). It considers the actual way in which arches failed by formation of mechanism. 
The hypotheses on the masonry behaviour are: no tensile strength; infinite 
compressive strength and absence of sliding failure. Under these hypotheses, the 
collapse of masonry arch bridges can be approximated by an assemblage of rigid 
parts, held up by mutual pressure, and the collapse of the structural elements is 
characterised by the development of non-dissipative hinges transforming the 
structure into a mechanism (Heyman, 1982).  The mechanism method is based on the 
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estimation of the thrust line, which is related to the hinge positions. The critical 
loading position is assumed, and it can be determined once the hinge positions are 
selected. Each hinge position is then relocated until a minimum capacity is 
determined. The loading position is then moved and the process repeated until a set 
of hinge position associated with a critical mode is determined (Y.  Chen et al., 2007; 
Hughes and Blackler, 1997; Robinson, 2000). The mechanism method cannot 
provide the information about the stresses of masonry arches. The assessment results 
are sensitive to the passive coefficient values adopted for backfill (Hughes and 
Blackler, 1997; Hughes et al., 2002). 
c) The Pinned-elastic analysis method, which was firstly introduced by Castigliano 
(1897), secondly Pippard (Pippard and Baker, 1968) and then Huges (Bridle and 
Hughes, 1989; Bridle and Hughes, 1990). The basic assumptions of the analyses are 
that the arch is pinned, soundly built and fails in compression whilst retaining the full 
arch section. The elastic method is based on the Castigliano’s strain energy analysis 
and the arch ring is treated as a linear elastic material. A load is applied 
incrementally and stresses at every section are calculated. Areas subjected to tensile 
stress are discounted which reduces the effective depth of the ring at those section. 
The same procedure is repeated until the thrust line is just contained within the 
reduced cross sectional area (Ng, 1999). The most critical limitations of this method 
are the following. The masonry material does not show elastic behaviour and 
opposed to the assumption of this method. The arch tensile strength could 




d) The finite element (FE) method, which using FE programs to model the masonry 
arch bridge and backfills and investigate the behaviour of them, such as, Betti et al. 
(2008), Cavicchi and Gambarotta  (2005; 2006; 2007), Drosopoulos et al. (2006), Ng  
(1999), etc. Compared with the conventional assessment methods, such as the MEXE, 
mechanism and elastic methods, the numerical simulation by the FE method permits 
a more comprehensive analysis for investigating the behaviour of masonry arches.  
2. 3 FRP strengthened structures 
Structures experience ageing effects or movements in the foundations or other 
accidental factors causing structural damage during their service life, and eventually 
affecting the structural global stability. In order to extend the structural life and re-
establish the performance of these structures, there has been research and 
engineering focused on efficient strengthening techniques.  Modern retrofitting 
techniques are based on the concepts that strengthening procedures should be light, 
removable and should not change the structural scheme and construction. FRP 
externally bonded to the surface of the structural elements has been used as a 
retrofitting technique, has several advantages; for example, a low weight-to-strength 
ratio, short installation period, and very little effects on existing structures (Teng et 
al., 2002).  
2.3.1 FRP materials 
FRP materials are composites made of high strength fibres, such as glass, carbon and 
aramid, usually surrounded by an epoxy resin matrix (Teng et al., 2002). The 
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stiffness and strength of FRP are provided by the fibre, and the epoxy resin protects 
the fibre and helps the fibres work as a composites. The epoxy has good mechanical 
properties, chemical and adhesive strength, long durability, and good bond with steel 
and concrete structures. FRP is an anisotropic material because the fibres are 
directional. FRP has a linear-elastic brittle behaviour, with an ultimate strain about 
ten times the yield strain of steel (Teng et al., 2002). The modulus of elasticity varies 
from 33% to 125% of that of the steel. Carbon fibres are stiffest and strongest of FRP.  
2.3.2 FRP strengthened concrete structures 
The most common use of FRP in strengthening concrete structures is externally 
bonding plates or fabric over the surface of the retrofitted elements. The applications 
of FRP systems are typically as flexural reinforcement of beams and slabs; shear 
reinforcement of beams, beam-column joints, and walls; and confinement 
reinforcement of column (Teng et al., 2002). Failure of the bond between the FRP 
and concrete often governs strength of these structures, and occurs at a region of high 
stress concentration, at material discontinuities, or at cracks (ACI, 2008; Chen and 
Teng, 2001; J. F. Chen et al., 2007; Teng et al., 2002). Debonding failure in the FRP-
to-concrete joint can occur within or at the interfaces of materials, following the path 
of least energy (Buyukozturk et al., 2004; Teng et al., 2002). There are several 
possible crack propagation paths in an FRP-to-concrete bond joint as shown in 
Figure 2.5: a) in the concrete substrate, close to the concrete-adhesive interface; b) in 
the concrete-adhesive interface; c) within the adhesive layer; d) in the adhesive-FRP 
interface; e) delamination of the  FRP. More than one debonding failure mechanisms 
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can occur in the same time (Buyukozturk et al., 2004; Teng et al., 2002; Teng et al., 
2003a; Teng et al., 2003b).  
 
Figure 2.5 Possible debonding mechanisms of FRP-to-concrete joint (Buyukozturk et 
al., 2004) 
Debonding in the adhesive layer and in the  adhesive-FRP interface rarely occur due 
to the high strength of the adhesive usually used to bond the fibres (Chen and Teng, 
2001). For the same reason, the delamination of the FRP is not the common failure 
mode. Concrete substrate failure must have occurred in a large part of the bond 
length, which controls the failure of the joint, before the fibre delamination occur 
(Chen and Teng, 2001). Debonding in the concrete-adhesive interface occurs if the 
surface of the concrete is not properly prepared and cleaned, or if the water content 
of the concrete is too large and the curing of the adhesive does not occur as expected 
(Chen and Teng, 2001; Teng et al., 2003a). Debonding in the concrete substrate is 
the one that takes place in most of the bond test specimens (Chen and Teng, 2001), 
and in beams with external FRP overlays for bending and shear strengthening.  
There are larger quantity of experimental works related to bond failure of FRP-to-
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concrete joints, such as, Buyukozturk et al. (2004), Chen and Teng (2001), Coronado 
and Lopez (2008), Wu et al. (2001) and Yao et al. (2005). Some of the key findings 
are:  
a) the bond strength increases as the FRP thickness increases, which is addressed in 
design guides (ACI, 2008) when calculating the maximum strain accepted for design;  
b) extending the tensile FRP reinforcement of beams as close to the supports as 
possible decreases the potential for debonding;  
c) anchorages can increase the debonding resistance, failure load and ductility of 
beams, by adding anchorage with several transverse FRP strips bonded over the ends 
of the longitudinal FRP (ACI, 2008; Teng et al., 2003a); and 
d) deterioration of the FRP-to-concrete interface produced by environmental 
exposure conditions such as freeze-thaw, wet-dry, and temperature cycles can lead to 
debonding problems (Bisby, 2003; Buchan and Chen, 2007).  
In flexural strengthened concrete beams with FRP the debonding may initiate at the 
flexural or flexural-shear crack at an intermediate section subjected to high moments 
(J. F. Chen et al., 2007; Teng et al., 2006). The other place where debonding may 
initiate is the end of the FRP strip due to a diagonal crack, concrete cover separation, 
or a concrete crack close to the interface with the FRP (Toutanji et al., 2007; Yao and 
Teng, 2007). Shear strengthened concrete beams can be applied by completely 
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wrapping the beam with FRP, using U jackets or adding side strips (Chen et al., 2010; 
Chen and Teng, 2003). Chen and Teng (2003) reviewed a large number of shear test 
and have shown that the wrapping strengthening scheme fails due to rupture of the 
fibres, while the other two schemes fail due to debonding of the FRP. The most 
effective positive of the side strip is where the bond length is largest, crossing at mid-
length of a shear crack.  
2.3.3 FRP strengthened masonry structures 
The use of FRP bonding system in masonry structures has not been widely adopted 
as with other type of structures. Due to the mentioned positive aspects of application 
of FRP system, it is an attractive retrofitting technique for buildings that cannot 
change their appearance, which is more appropriated in the case of historical 
masonry buildings (De Lorenzis, 2008). The principal role of the FRP system in 
strengthening masonry is to transfer tensile stresses both within a structural element 
and between different elements of the structure. Debonding failure of FRP-to-
concrete occurs mostly through cracking of the concrete, and the same mode has 
been observed in masonry walls and panels reinforced with FRP strips (De Lorenzis, 
2008), where debonding typically occurs within a layer of the masonry.  
Out-of-plane bending of masonry wall may be critical, especially in unreinforced 
masonry walls. Most of those buildings were originally designed to resist vertical 
load. On the other hand, reinforced walls can have a ductile out-of-plane behaviour, 
depending on the amount of vertical steel reinforcement (Abboud et al., 1996). FRP 
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can be bonded parallel to tensile actions over the wall to increase the strength of 
walls subjected to out of plane bending action. Several researchers (Albert et al., 
2001; Ehsani et al., 1999; Galati et al., 2006; Gilstrap and Dolan, 1998; Hamilton III 
and Dolan, 2001; Kuzik et al., 2003; Lunn and Rizkalla, 2011; Triantafillou, 1998) 
have shown that FRP strengthening system can effectively increase the out of plane 
strength and ductility of walls regardless the type of masonry unit.   
 
Figure 2.6 Out-of-plane failure mechanism (redrawn after Tumialan et al. (2003)) 
Figure 2.6 shows the failure mechanism of a masonry wall subjecting the out-of-
plane load. The main failure mode observed was shear of the masonry unit as the 
supports of the walls (Kuzik et al., 2003; Paquette et al., 2001; Tumialan et al., 2003; 
Tumialan et al., 2002). This was expected because only the bending strength of the 
specimens was increased by the FRP reinforcement. Other typical failure mode 
observed was flexural failure due to crushing of the masonry unit (Mosallam, 2007; 
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Tumialan et al., 2002); flexural-shear cracking of the masonry (Galati et al., 2006; 
Mosallam, 2007); or rupture of FRP fibres (Albert et al., 2001; Ghobarah and El 
Mandooh Galal, 2004). And the last important failure mode was debonding of the 
FRP composites (Ehsani et al., 1999; Kuzik et al., 2003; Tumialan et al., 2002). 
There have been two debonding failure modes observed from the literature: 
intermediate crack (IC) debonding (Galati et al., 2006; Ghobarah and El Mandooh 
Galal, 2004) and plate end debonding (Ghobarah and El Mandooh Galal, 2004).   
Masonry walls subjected to in-plane actions have basically three types of failure 
mechanisms (Tomazevic, 1999): 1) sliding shear failure: sliding of part of the wall 
over a mortar joint; 2) shear failure: diagonal cracks through the mortar joints or the 
masonry units caused by the tensile failure of the masonry; and 3) flexural failure: 
crushing of the compressed units at the end of the blocks due to in-plane bending of 
the wall.  
There are several different FRP strengthening schemes have been tested to address 
the shear failure mechanism (Alcaino and Santa-Maria, 2008). Tests of masonry 
walls/panels externally bonded with FRP strips and subjected to diagonal monotonic 
compression to model shear action also showed large improvement of strength of the 
masonry walls/panels (Valluzzi et al., 2002).  
Monotonic shear load of masonry walls with FRP bonded, parallel to the bed joints, 
in diagonal directions or in full wall have shown large increase of lateral resistance 
(Stratford et al., 2004). Cyclic shear tests have also shown dramatic increases of 
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shear strength, and also effective control the cracking formation and pattern (Alcaino 
and Santa-Maria, 2008; ElGawady et al., 2007; Haroun et al., 2005). Dynamic testing 
of masonry walls externally strengthened with FRP subjected to a series of 
earthquake motions, showed an improvement of the lateral resistance (ElGawady et 
al., 2005b; Turek et al., 2007). As well as strengthening the wall specimens were 
strengthened with FRP before testing, in some cases the walls were pre-loaded to 
simulate the damage and later repaired with FRP strips. These also showed 
improvement of strength (ElGawady et al., 2005a). In the case of the diagonally 
compressed panels failure occurred due to debonding of the FRP strips.  
The failure mechanism of the walls subjected to in-plane shear depended on the 
relative flexural, sliding and shear strengths obtained after strengthening (Zhuge, 
2010). When the flexural strength was large enough the failure mode was the 
debonding of the FRP strips (ElGawady et al., 2007; Stratford et al., 2004; Valluzzi 
et al., 2002; Zhuge, 2010). In masonry panels and walls under in-plane shear loading, 
debonding initially started at an intermediate location of the FRP strips, where the 
main diagonal crack developed crossed the FRP reinforcement. Later, the final brittle 
failure occurred by debonding of the overlays from the end of the strips (Alcaino and 
Santa-Maria, 2008).  
To sum up, externally bonded FRP strips can increase the strength and deformation 
capacity of masonry walls subjected to both out-of-plane and in-plane loading. And 
one of the main failure modes is debonding of the FRP composites. 
Chapter 2 
 34
2. 4 FRP strengthened masonry arch structures 
There has also been prior research upon FRP strengthened arches and vaults. Barrel 
vaults are similar in form to arches; however, unlike arches, the extrados is often 
accessible for strengthening, whereas it might not be acceptable to apply FRP to the 
visible intrados of the vault. FRP composites restrain the hinging behaviour in an 
arch, but they do not prevent crack formation (Drosopoulos et al., 2007; Foraboschi, 
2004). Depending on the extension and location of the FRP strengthening portions of 
the arch and the loading scheme, the formation of hinges may be either altered or 
completely prevented. The location of two consecutive hinges is alternate between 
extrados and intrados, hence strengthening FRP on the whole extrados or intrados 
can completely prevents the formation of mechanism (De Lorenzis, 2008). By 
restraining the growth of flexural cracks it is possible to prevent the hinge 
mechanism mode of failure (De Lorenzis, 2008; Foraboschi, 2004), and it has also 
been demonstrated that the lateral abutment thrust is reduced (Bati et al., 2007; De 
Lorenzis et al., 2007). Increasing the hinge mechanism failure load, however, this 
means that other failure mechanisms may become more critical. Five characteristic 
failure modes have been identified for FRP-strengthened arches in previous work 
(Bati and Rovero, 2008; De Lorenzis, 2008; Foraboschi, 2004; Valluzzi et al., 2001): 
a) the hinge mechanism (local rotation about flexural cracks); 
b) sliding along the mortar joints (shear cracks); 
c) compressive failure of the masonry; 
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d) tensile rupture of the FRP; and 
e) separation of the FRP from the masonry (debonding failure of the adhesive joint). 
As well as complete detachment of the FRP strengthening from the masonry (failure 
mode e), debonding plays an important role in the failure modes (a) and (b). The FRP 
bonding system strengthens bridges local flexural or shear cracks, but as the cracks 
grow a portion of the adhesive joint fails adjacent to the crack, the extent of which 
increases with crack opening. It is the interaction of local debonding, crack opening, 
and compatibility of the partially debonded FRP with the curved surface of the 
masonry that determines how well the FRP restrains the hinge rotation at the position. 
An understanding of the debonding mechanism is therefore an important part of 
understanding the failure of FRP strengthened masonry arches. 
Adding FRP strengthening to a masonry arch thus changes its failure mode. An arch 
without strengthening forms a kinematic mechanism. The presence of FRP, however, 
allows tension to be carried across an opening crack, and the strength of the 
component parts must be examined, in a similar manner to the sectional analysis of a 
curved reinforced concrete beam. Several researchers have developed analytical 
predictions of the ultimate strength of FRP strengthened masonry arches. Some can 
simplistically be described as discrete block models, in which the contact properties 
between the FRP and masonry and between adjacent masonry blocks are modelled 
(Caporale et al., 2006; Drosopoulos et al., 2007). Other analyses take a sectional 
analysis of the strengthened arch (Bati and Rovero, 2008; Chen, 2002; Foraboschi, 
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2004; Valluzzi et al., 2001). This broad classification is rather crude: all of the 
previously proposed analysis methods combine aspects of mechanism failure and 
component failure to different extents, reflecting the possible failure modes in an 
FRP strengthened arch. Prior research has thus demonstrated that the load carrying 
capacity of a masonry arch can be increased using externally bonded FRP 
strengthening. However, a clear understanding of the failure mechanics (and in 
particular the bond between the FRP and the masonry) has yet to be fully developed. 
2. 5 Bond behaviour between FRP and masonry 
Comparing the literature about the bond behaviour of FRP to concrete, very little 
research on the bond of FRP to masonry has been developed (Aiello and Sciolti, 
2006; Capozucca, 2010; Fedele and Milani, 2012; Grande et al., 2011a; Kashyap et 
al., 2011; Oliveira et al., 2011; Seim and Pfeiffer, 2011; Willis et al., 2009), 
involving the analysis of different key parameters as substrate materials, composite 
systems, bonded length, and test setup.   
The bond behaviour between FRP and masonry is usually experimentally 




Figure 2.7 Classification of bond tests (redrawn after Yao et al. (2005)) 
Aiello and Sciolti (2006) adopted double shear test to investigate the bond behaviour 
between FRP and leccese stone/naples tuff units. It is found that the larger strength of 
masonry lead to the greater bond strength and longer effective bond length. The 
debonding failure has been observed in the masonry substrate. They concluded that 
the bond behaviour and load transfer mechanism of FRP bonded to masonry are 
similar to FRP bonded to concrete. However, it will be different once there are 
porous in the clay brick because it leads to weaker bond strength (Willis et al., 2009).    
From Camli and Binici (2007)’s tests, double shear tests were carried out on FRP 
bonded to clay bricks. The results showed that the different failure mechanisms were 
dependent upon the bond length, the FRP width and the type of test.  
An experimental investigation on the bond behaviour of historical clay brick 
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strengthened with different types of composites materials has been reported in 
Capozucca (2010). Different debonding mechanisms were observed, although there 
was not a clear relationship between the debonding mechanism and the reinforcing 
systems.  
Grande et al. (2011a) presented single shear tests carried on FRP bonded clay bricks. 
There were two important results reported: (1) bond strength increases with bond 
length until bond length reaches the effective bond length; (2) the effective bond 
length is affected by the mechanical properties of the masonry and by the type of 
strengthening system. Similar results on clay bricks, calcium-silicate bricks and 
sandstone were also observed in Seim and Pfeiffer  (2011).  
There has been even less concern on the bond behaviour between FRP and masonry 
assemblies compared with the tests on the masonry units.  
Willis et al. (2009) reported an experimental investigation on the bond behaviour of 
clay brick masonry assemblies strengthened with different types of composites 
materials. The appearance of the mortar joint does not have a significant impact on 
the bond behaviour as crack propagation occurred primarily through the brick units. 
The bond strength increases with bond length until bond length reaches the effective 
bond length. Similar results on clay masonry assemblies were also identified in 
Oliveira et al. (2011). The bond strength of the FRP bonded masonry assemblies is 
controlled by the mechanical properties of masonry assemblies (Oliveira et al., 2011). 
The concave substrates caused a slight decrease of the bond strength due to the 
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interfacial normal stresses along the FRP-masonry interface (Oliveira et al., 2011).  
In Willis et al. (2009), it is also found that the bond strength and ductility of NSM 
(near surface mounted) is much higher than that of externally bonded because of 
greater confinement of the debonding cracks. The orientation of FRP perpendicular 
to the bed joints leads to an increase of bond strength compared to orientation 
parallel to the bed joints. That is because there are more brick elements which are 
activated for bonding (Seim and Pfeiffer, 2011; Willis et al., 2009).  
Similar to that of FRP-to-concrete, the local bond stress-slip relationship of FRP-to-
masonry can be represented by a three stages law as shown in Figure 2.8: elastic, 
microcracking (softening) and macrocracking (debonding) (Capozucca, 2010; 
Grande et al., 2011b; Kashyap et al., 2011; Oliveira et al., 2011; Su et al., 2011; 
Willis et al., 2009).  
 




To compare with the test results of the maximum bond stresses of FRP-to-masonry 
units, a bilinear bond-slip curve was used by Grande et al. (2011b) and the 
parameters are calculated from the Italian document CNR-DT200 (2006). However, 
the proposed linear bond-slip model cannot be considered satisfactory for any 
possible masonry construction. The same authors then adopted an exponential bond-
slip law, original for FRP-to-concrete (Nakaba et al., 2001), to predict the bond 
strength of FRP-to-clay bricks in FE modelling (Grande et al., 2011a). This 
exponential bond-slip law leads to a better prediction.  
The bond-slip model used by Willis et al. (2009) was the one for FRP-to-concrete 
proposed by Seracino et al. (2007) to predict the bond strength of FRP-to-masonry 
assemblies. The bond-slip parameters obtained from the test delivered a better 
prediction than that from the original Seracino’s model while using the identical 
equations.  
Kashyap et al. (2011) compared predictions on the pull-off test on FRP-to-masonry 
assemblies using the homogeneous analysis (FRP-to-masonry) and the 
heterogeneous analysis with disparate material properties for the mortar and bricks. 
A bilinear bond-slip law was assumed for both homogeneous and heterogeneous 
analysis as shown in Figure 2.9. The results showed that the homogeneous analysis 
led to a slight lower prediction on the bond strength of FRP-to-masonry assemblies. 
For the heterogeneous analysis, only a slight reduction in the bond strength was 
observed when zero shear stress for the FRP-to-mortar was assumed. This is because 




Figure 2.9 Load bond-slip models for homogeneous and heterogeneous analysis 
(redrawn after Kashyap et al. (2011)) 
To investigate the effects on the bond strength from the ratio between the FRP width 
and masonry’s, Fedele and Milani (2010; 2011; 2012) developed a series of FE 
models. It is found that the overall ductility, namely the maximum slip at failure, 
depend significantly on the ratio between the FRP width and masonry’s. The increase 
of this ratio leads to the decreases on the maximum shear stress and the maximum 
slip at the failure. Eventually, the width ratio coefficient in the bond-slip law from 
the Italian document CNR-DT200 (2006) was modified based on the results from FE 
modelling.  
To investigate the tensile behaviour (mode-I failure) of the bond interface of FRP-to-
masonry, Oliveira et al. (2011) conducted a pull-off test with action being 
perpendicular to the bond interface. The results showed that failure was due to the 
ripping of a thin layer of brick and mortar. Therefore, the tensile strength of the brick 
and mortar controls the tensile strength of the FRP-to-masonry interface.  
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To sum up, the key findings from the literature about the bond behaviour between 
FRP and masonry are:  
a) the bond and load transfer mechanism of FRP bonded to masonry are similar to 
FRP bonded to concrete; 
b) for mode-II bond behaviour, the bond strength of FRP-to-masonry is controlled by 
the mechanical properties of masonry assemblies;  
c) the bond-slip law for FRP-to-concrete may need to be modified for the FRP-to-
masonry, especially for the lower strength bricks; and 
d) for mode-I bond behaviour, the tensile bond stress is dominated by the tensile 
strength of the masonry assemblies.  
2. 6 Numerical modelling of FRP strengthened masonry structures 
In order to develop better understanding of the behaviour of masonry arch structures 
and FRP strengthened such structures, several numerical studies have been produced 
to analyse them. Different model strategies and constitutive laws for masonry have 
been proposed corresponding to different accuracy and efficiency demanded 
(Lourenço, 1996). In terms of the modelling of FRP strengthened structures, 
modelling the FRP-to-masonry interface is critical to the behaviour of such structures. 
The modelling of masonry, constitutive model of masonry and modelling of the bond 
behaviour between FRP and masonry are reviewed in the following section.  
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2.6.1 Modelling of masonry 
The definition and use of suitable material constitutive models dominates the 
accuracy and effectiveness of simulating masonry structures. Depending on the level 
of accuracy and the simplicity desired, the modelling strategies of masonry proposed 
in the literature can be classified into three different types (Lourenço, 1996; 
Lourenço and Rots, 1997): a) micro model approach; b) micro-macro model 
approach; and c) macro model approach, as shown in Figure 2.10.  
 
Figure 2.10 Modelling strategies for masonry structures: (a) masonry sample; (b) 
micro-model; (c) micro-macro model; (d) macro model. (Lourenço (1996)) 
Micro model (Figure 2.10b): masonry units and mortar both are modelled separately 
with individual properties which are obtained through experimental tests conducted 
on the single material components, using continuum elements. The unit-mortar 
interface is modelled by interface element or discontinuous elements. This approach 
leads to structural analyses that required great computational effort (Alfano and 
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Sacco, 2006; Giambanco and Di Gati, 1997; Giambanco et al., 2001; Lotfi and Shing, 
1994; Sacco and Toti, 2010).  
Micro-macro model (Figure 2.10c): A homogenization procedure is used to obtain 
the constitutive model for masonry, or homogenised response is obtained from tests. 
The behaviour of the mortar-masonry unit joint interface is also considered in this 
approach. This approach can lead to effective models, that require reduced 
computational effort for a structural analysis (Chaimoon and Attard, 2007; Lourenço 
and Rots, 1997; Milani et al., 2006a; Milani et al., 2006b; Thavalingam et al., 2001). 
The mortar thickness and the unit–mortar interfaces are lumped into a zero-thickness 
interface while the dimensions of the masonry units are expanded to keep the 
geometry unchanged due to the mortar not being explicitly modelled. Accuracy is 
decreased because the Poisson’s effect of the mortar is not considered.  
Macro model (Figure 2.10d): This approach does not distinguish between masonry 
units and the mortar joint but treats masonry as an isotropic continuum. All of the 
components, including units, mortar and unit-mortar joint, are smeared out in the 
continuum (Fanning and Boothby, 2001; Giordano et al., 2002; Lourenço, 1996; 
Lourenço et al., 1998; Marfia and Sacco, 2005). A weak tensile strength is usually 
adopted to capture the unit-mortar interface behaviour.  
Regarding finite element (FE) model, the micro-model approach adopts 
discontinuum or continuum model which explicitly models each bricks and joints 
between bricks and mortar, and the macro-modelling approach uses continua model 
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(Lourenço and Rots, 1997). Each of the modelling strategies has advantages and 
disadvantages, and hence apply to different requirements. The micro-model approach 
is used to obtain the better understanding about the global and local behaviour of 
masonry structures. Micro-macro model is applicable when the structures are in the 
medium geometry scale, masonry does not occupy the majority part of structures or 
the effects of unit-mortar joint cannot be smeared out in the masonry continuum as 
macro modelling strategy. Macro-model approach is applied to analysis the 
structures including backfills and walls with greater dimensions so that the stress 
state in the macro length scale will be almost uniform (Lourenço et al., 1998). 
2.6.2 Constitutive model of masonry 
Accurate micro and macro models of masonry structures require appropriate material 
properties and constitutive models. However, the properties of masonry are 
influenced by a larger number of factors, such as the material properties of the unit, 
mortar, and unit-mortar joint. There are two material models involved in the 
aforementioned three modelling strategies: continuum solid materials (units, mortar, 
or isotropic masonry composites) and the unit-mortar interface. 
A feature of quasi-brittle materials like masonry, rock or concrete, is that they fail 
due to the progress of internal crack growth. Therefore, constitutive models for 
concrete, such as Drucker-Prager failure criterion (Domède et al., 2009; Giordano et 
al., 2002; Thavalingam et al., 2001) and the William and Warnke model available in 
ANSYS (Fanning and Boothby, 2001),  can be used to model masonry (Lotfi and 
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Shing, 1994; Lourenço, 1996). The masonry defined here is referred to composite 
involved in macro-model and the units involved in micro and micro-macro models. 
The uniaxial compression strength and the initial elastic modulus of the unit and 
mortar can be obtained from the test. However, the tensile behaviour, especially the 
full softening behaviour, and the biaxial behaviour of masonry are difficult to obtain 
from the test (Lourenço, 1996; Pluijm, 1997).  
The unit-mortar joint interface is explicitly modelled in the micro and micro-macro 
models. The unit-mortar joint is usually modelled as an interface with zero thickness 
(Lourenço, 1996; Milani et al., 2006a; Milani et al., 2006b; Sacco and Toti, 2010). 
The interface is a potential crack-opening and traction-slip plane with dummy 
stiffness to avoid interpenetration of the continuum in the micro model. In the micro-
macro model approach the interface elastic stiffness has to be calculated taking into 
account the properties of the mortar and the unit-mortar joint because the mortar is 
not explicitly modelled (Lourenço and Rots, 1997; Sacco and Toti, 2010).  
The nonlinear response of the unit-mortar joints controls the features of masonry 
arch behaviour. Two different phenomena occur in the unit-mortar joint interface, 
one associated with mode-I failure (tensile failure) and the other associated with 
mode-II (shear failure). In terms of mode-I failure, the tensile bond strength, mode-I 
fracture energy and the shape of the tension softening curve dominate the behaviour 
of unit-mortar joint interface under tension action. For mode-II, the shear strength 
and the mode-II fracture energy of the interface are related to the confinement stress. 
There are several constitutive laws to describe the behaviour of unit-mortar joint 
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interface. These constitutive laws can be classified into two types. One is the 
composite interface model by combining some plastic theories (Chaimoon and 
Attard, 2007; Drosopoulos et al., 2007; Lourenço, 1996; Lourenço and Rots, 1997; 
Milani et al., 2006a; Milani et al., 2006b); the other is a cohesive interface model by 
defining two failure modes (mode-I and mode-II) and their interactions (Brasile et al., 
2007; Sacco and Toti, 2010). A composite interface model may include, for example, 
a tension cut-off criterion for mode-I failure, a coulomb friction criterion for mode-II 
failure and a compression cap criterion for compression failure mode as shown in 
Figure 2.11. Each criterion of the composite model corresponds with different failure 
modes (Chaimoon and Attard, 2007; Drosopoulos et al., 2007; Lourenço, 1996). A 
cohesive interface model combines damage and friction to capture the behaviour of a 
cohesive zone through defining the constitutive laws of both mode-I and mode-II and 
the relationship of mixed mode (Alfano and Sacco, 2006; Sacco and Toti, 2010). 
 
Figure 2.11 A composite interface model (Lourenço (1996)) 
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2.6.3 Modelling of bond behaviour between FRP and masonry 
The local bond behaviour between FRP and masonry is quite similar to FRP-to-
concrete bond because failure occurs within the brittle masonry and the material 
properties of masonry are quite similar as concrete (Aiello and Sciolti, 2006; 
Capozucca, 2010; Oliveira et al., 2011). This bond behaviour is even more critical 
when FRP strengthening masonry arch structures fail by debonding. To model the 
bond behaviour between FRP and masonry/concrete, three modelling approaches can 
be identified from the literature: direct model approach, interface model approach 
and crack band approach described below:  
Direct model approach: the behaviour of the masonry/concrete is accurately 
modelled in a meso-scale, usually using 0.5-2mm element size, with an appropriate 
constitutive model. The debonding progress is modelled by the failure of 
masonry/concrete substrates (Lu et al., 2006; Lu et al., 2005b); 
Interface model approach: the bond behaviour is modelled using a layer of interface 
elements usually with zero thickness. Therefore, debonding is caused by the failure 
of interface elements (Diab and Wu, 2007; Salomoni et al., 2011);  
Crack band approach: the debonding failure is assumed to take place within a band in 
the masonry/concrete adjacent to the FRP bond interface and a modified constitutive 
law needs to be provided for this band (Coronado and Lopez, 2007; Coronado and 
Lopez, 2010).  
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The direct model approach can be used to predict not only the entire debonding 
failure process but also the bond-slip relationship for the FRP-to-masonry/concrete 
interface. The interface model approach relies on the appropriate use of a bond-slip 
model, as the constitutive law for interface element, which may be developed from 
either the first approach or from test. This is thus not a predictive approach for the 
bond behaviour but appropriate for modelling large structures where meso-scale 
modelling of masonry is unrealistic, like the large-scale of masonry arch bridges 
(Chen et al., 2012). The crack band model approach requires a different material 
constitutive model for the crack band which needs to be obtained from experiments. 
It means this approach is not truly predictive. In addition, the varying epoxy resin 
may affect the properties of such band. Therefore, for simulating the detailed bond 
behaviour, the direct model approach is more appropriate. In fact there were very 
limited numerical researches on bond behaviour using this approach due to the 
difficulties of modelling masonry. The details of modelling the bond behaviour of the 
FRP-to-concrete joint are reviewed in Chapter 4. This section focuses on the 
modelling of FRP strengthened masonry arch structures.  
Nonlinear spring elements with a contact-friction model were used to model the bond 
behaviour of FRP-to-masonry arch by Drosopoulos et al. (2007). The bond-slip 
relationship was modelled using the contact-friction model and the spring element 
was used to model the mode-I bond behaviour. However, no details of bond models, 
such as the values, were described in the paper.  
A prefect bond joint was assumed and no interface model was involved to capture a 
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shear failure mode of a smaller scalar masonry arch test (Cancelliere et al., 2010; 
Sacco and Toti, 2010). No bond-slip model is involved in this study because the 
failure was dominated by the shear failure in the unit-mortar joint.  
Homogenization procedure was introduced to model FRP strengthened masonry 
substrates through considering a modified constitutive model for masonry without 
considering bond-slip model (Cecchi et al., 2005; Milani et al., 2006c). Grande et al. 
(2008) used a macro-modelling procedure to simulate masonry and the constitutive 
laws of masonry were modified when the FRP strengthening system used. There was 
no bond-slip model involved in this study.  
Milani assigned the bond-slip model proposed by CNR (2004) to interface elements 
in order to capture the bond behaviour between FRP-to-masonry (Milani, 2010; 
Milani et al., 2009a; Milani et al., 2009b). However, only shear stress-slip (Mode-II) 
model was considered for masonry structures in this study, which is not appropriated 
for a FRP strengthened structures failed by mixed mode, such as FRP strengthened 
masonry arch bridges.  
Basilio (2007) used a six-node interface element to model the bond joint of FRP-to-
masonry, and a composite interface model as shown in Figure 2.11 to describe the 
constitutive law of bond interface. The softening behaviour of bond interface, such as 
fracture energies of both modes, was assumed and opened to further research.  
To summarise, the key findings from the existing studies on the numerical modelling 
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of FRP strengthened masonry structures are:  
a) in order to properly model the FRP strengthened masonry structures, especially for 
those failed by debonding, the interface model is required to capture the bond 
behaviour between FRP and masonry; 
b) the mode-II bond behaviour of FRP-to-masonry can be modelled using the 
existing bond-slip relationship, for example, bond-slip model proposed by Lu et al. 
(2005a) or CNR (2004); 
c) the mode-I bond behaviour still needs to be investigated for the FE modelling; and 
d) the interaction between two modes (mode-I and mode-II) has less concerned in the 
literature although only one mode is dominant and occurs firstly. 
2. 7 Conclusion remarks 
This chapter is a review of existing knowledge relevant to masonry arch structures 
and FRP strengthened arch structures.  
The knowledge of masonry and arch structures has been reviewed to create a solid 
background about the material properties of masonry and the behaviour of masonry 
arch structures, which is needed to be used in Chapter 3 to conduct a well-designed 
experimental study. The critical failure mode of masonry arch bridges is hinge 
mechanism. The mechanism method and FE modelling are two popular methods to 
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access and analyse masonry arch bridges. After reviewing the existing numerical 
studies on the masonry structures, it is clearly that the model of the mortar interface 
dominates the performance of FE models. A numerical study onto the 
unstrengthened masonry arches is thus presented in the Chapter 5. 
The knowledge of FRP strengthened masonry and concrete structures are reviewed. 
The debonding failure is one critical mode in the FRP strengthened structures. It 
usually occurs at a region of high stress concentration, at material discontinuities, or 
at cracks in a strengthened system. Externally bonding FRP to the masonry structures 
can improve their loading capacity and deformation capacity. In terms of FRP 
strengthened masonry arch bridges, the mechanism failure is to prevent other failure 
modes of failure will occur, such as debonding. In particular, the bond behaviour 
between FRP and masonry arches needs to be further studied due to the lack of 
contributions, which highlights the demands for the work presented through this 
dissertation.  
In terms of the numerical modelling of FRP strengthened concrete structures, it is 
clear that the existing FE studies suffer the various deficiencies. More specially, the 
existing studies failed to capture the entire debonding failure due to the lack of 
accurate modelling of concrete material. This leads to the necessary basis for the 
advanced FE model and constitutive law introduced in the Chapter 4.  
The bond behaviour between FRP and masonry is similar as that for the FRP to 
concrete. The bond strength of FRP-to-masonry is dominated by the mechanical 
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properties of masonry assemblies. The bond-slip law for FRP-to-concrete may need 
to be modified for FRP-to-concrete masonry. The tensile strength of masonry 
controls the mode-I bond behaviour of FRP-to-concrete masonry.  
FE modelling of FRP strengthened masonry arch structures has been very less 
concerned in the existing literature. The application and effects of the bond-slip law 
for FRP-to-concrete masonry and the mixed mode model need to be addressed in this 
study. An advanced model of masonry arch bridge developed in the Chapter 5 is used 
in the Chapter 6 to model the FRP strengthened masonry arch bridges. An interface 
model considering the mixed mode behaviour of FRP-to-concrete masonry arches is 




EXPERIMENTAL STUDY ONTO A CONCRETE 
MASONRY ARCH BRIDGE REPAIRED USING FIBRE 
REINFORCED POLYMER COMPOSITES 
3. 1 Introduction 
Masonry arch bridges are an important part of many countries’ rail and road transport 
infrastructure. Most are historic structures that survive in active service largely due to 
the inherent stability of the arch form. The combined effects of modern traffic loads 
(for which they were not designed) and degradation of the masonry mean that some 
of these bridges suffer from significant damage. It is important to safeguard and 
extend the life of these structures, especially where arch bridges form critical links in 
the transport network and where major disruption would result from their closure. 
Fibre-reinforced polymer (FRP) systems are increasingly used for bridge repair and 
strengthening, with particularly widespread application to concrete bridges (ACI, 
2008; Concrete Society, 2004). The FRP is adhesively bonded to the surface of the 
existing structure, where it provides tensile capacity and restrains the opening of 
cracks. FRP has the advantages of a low weight to strength ratio, short installation 
periods and minimal intervention upon the structure (Teng et al., 2002). The small 
thickness of FRP required for strengthening is especially important for historic 
bridges, as it minimises changes to the bridge’s appearance. The application of FRP 
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composites to masonry structures is less well established, although it has been the 
subject of research and development in recent years (De Lorenzis, 2008), 
demonstrating that FRP can be used to upgrade the structural performance of a 
variety of masonry elements, and has resulting in design guidance being issued by 
the National Research Council in Italy (CNR, 2004) and by the American Concrete 
Institute (ACI, 2007). Further work is required, however, to apply FRP strengthening 
to increase the load capacity of masonry arch bridges. 
3.1.1 Masonry arch mechanics 
Masonry is an assemblage of bricks or blocks that are generally joined with mortar. 
Failure of the masonry is usually governed by the low interfacial strength between 
the brick and mortar in tension and shear. In a single ring masonry arch bridge, the 
critical failure mechanism is a four-hinge mechanism (Figure 3.1), when the arch is 
loaded at its quarter span (Heyman, 1966; Heyman, 1982). Sliding or crushing 
mechanisms (discussed further below) are also possible in a masonry arch, but these 
are unlikely to occur because the critical loads are well above that of the hinge 
mechanism (Foraboschi, 2004; Heyman, 1982). In multi-ring arch bridges, ring 




Figure 3.1 The use of FRP strengthening to resist the formation of the four-hinge 
mechanism in a masonry arch 
Figure 3.1 shows only the arch, as this is the principal load-carrying member of the 
bridge. However, the arch does not act in isolation: fill is placed above the arch to 
provide the required top profile, and this is retained by spandrel walls on either side 
of the bridge, which extend upwards to act as parapets. The bridge abutments both 
retain the fill material and prevent springing of the arch. 
The critical hinge mechanism involves flexural cracks that open along the mortar 
joints at the hinge locations. These cracks alternate between the intrados and extrados 
of the arch as shown in Figure 3.1 (Heyman, 1982). Externally bonded FRP can be 
used to provide tensile capacity and restrain the opening of the cracks, just as for 
concrete strengthening. Ideally, the FRP would be bonded to both the intrados and 
extrados of the arch so that both types of crack can be effectively restrained; however, 
the extrados is usually not accessible without removing the fill material. As a 




3.1.2 FRP strengthening for masonry structures 
Much of the research into FRP strengthening for masonry has so far studied walls 
subjected to in-plane (Alcaino and Santa-Maria, 2008; ElGawady et al., 2005a; 
Stratford et al., 2004; Triantafillou, 1998; Turek et al., 2007) and out-of-plane 
(Albert et al., 2001; Ehsani et al., 1999; Hamoush et al., 2001; Kuzik et al., 2003; 
Paquette et al., 2001; Triantafillou, 1998) loading. The out-of-plane bending of walls 
is relevant to the four-hinge mechanism failure in arches, as there is a similar 
interaction between the FRP, the opening of flexural cracks in the walls, and the 
reliance upon the adhesive joint between the FRP and the masonry. Wall elements, 
however, do not include the curvature present in arches. 
There has also been prior research upon FRP applied to arches and vaults. Barrel 
vaults are similar in form to arches. However, unlike arches, the extrados is often 
accessible for strengthening, whereas it might not be acceptable to apply FRP to the 
visible intrados of the vault. FRP composites restrain the opening of flexural cracks 
in an arch, but they do not prevent crack formation (Drosopoulos et al., 2007; 
Foraboschi, 2004). By restraining the growth of flexural cracks it is possible to 
prevent the hinge mechanism mode of failure (De Lorenzis, 2008; Foraboschi, 2004), 
and it has also been demonstrated that the lateral abutment thrust is reduced (Bati et 
al., 2007; De Lorenzis et al., 2007). Increasing the hinge mechanism failure load,  
means that other failure mechanisms may become more critical. Five characteristic 
failure modes have been identified for FRP-strengthened arches in previous work 
(Bati and Rovero, 2008; Chen, 2002; De Lorenzis, 2008; Foraboschi, 2004; Valluzzi 
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et al., 2001): 
 the hinge mechanism (local rotation about flexural cracks); 
 sliding along the mortar joints (shear cracks); 
 compressive failure of the masonry; 
 tensile rupture of the FRP; and 
 separation of the FRP from the masonry (debonding failure of the adhesive 
joint). 
Debonding of the strengthening occurs in the weakest link between the FRP, 
adhesive, and masonry; this is often slightly below the surface of the masonry 
(Foraboschi, 2004; Stratford et al., 2004). As well as complete detachment of the 
strengthening from the masonry (the last failure mode), debonding plays an 
important role in the first two failure modes. The FRP strengthening bridges local 
flexural or shear cracks, but as the cracks grow a portion of the adhesive joint fails 
adjacent to the crack, the extent of which increases with crack opening. It is the 
interaction of local debonding, crack opening, and compatibility of the partially 
debonded FRP with the curved surface of the masonry that determines how well the 
FRP restrains the hinge rotation at the position. An understanding of the debonding 
mechanism is therefore an important part of understanding the failure of FRP 
strengthened masonry arches. 
Adding FRP strengthening to a masonry arch thus changes its failure mode. An arch 
without strengthening forms a kinematic mechanism. The addition of FRP, however, 
allows tension to be carried across an opening crack, and the strength of the 
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component parts must be examined, in a similar manner to the sectional analysis of a 
curved reinforced concrete beam. Several researchers have developed analytical 
predictions of the ultimate strength of FRP strengthened masonry arches. Some can 
simplistically be described as discrete block models, in which the contact properties 
between the FRP and masonry and between adjacent masonry blocks are modelled 
(Caporale et al. 2006; Drosopoulos et al. 2007). Other analyses take a sectional 
analysis of the strengthened arch as their starting point (Bati and Rovero, 2008; Chen, 
2002; Foraboschi, 2004; Valluzzi et al., 2001). This broad classification, however, is 
rather crude: all of the previously proposed analysis methods combine aspects of 
mechanism failure and component failure to different extents, reflecting the possible 
failure modes in an FRP strengthened arch.  
Prior research has thus demonstrated that the load carrying capacity of a masonry 
arch can be increased using externally bonded FRP strengthening; however, a clear 
understanding of the failure mechanics (and in particular the bond between the FRP 
and the masonry) has yet to be fully developed. The tests described in this chapter 
examine both the global response of a FRP strengthened masonry arch bridge and the 
local mechanics of failure. 
3. 2 Experimental methodology 
Tests were conducted upon a model two-span concrete masonry arch bridge. In 
outline, the tests involved: 
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 Loading each of the masonry arches in turn (north first) at quarter-span until a 
four-hinge mechanism formed so as to simulate damage to the arch prior to 
strengthening. 
 Application of the FRP strengthening. 
 Testing each of the arches in turn until failure of the strengthening system 
occurred, but without complete collapse of the structure. 
 A final destructive test upon the south arch, resulting in complete collapse. 
The methodology is described in more detail in the following sections. 
3.2.1 General arrangement 
A 1/3 scale single ring two-span concrete masonry arch bridge model was built in the 
Structures Laboratory of the University of Edinburgh in 1996. The two semi-circular 
single ring arches (2080mm span, 1040mm rise, 100mm ring thickness and 1680mm 
width) were constructed from concrete bricks (100mm 65mm 215mm) and cement 
mortar (nominally 15mm thick), as shown in Figure 3.3 in the original shape. There 
were 41 brick units in the arch ring and 1 brick unit in the ring thickness. The bricks 
were laid in a stretcher bond with the bed joints across the arch width. After the 
arches were built, they were covered by sand fill to a height of 240mm above their 
crowns as shown in Figure 3.4. The fill was contained by plastic sheeting and timber 
spandrel walls and abutments; the timber walls were not in contact with the arches so 
did not directly affect their structural performance. The abutments were supported 




The arches were originally tested to investigate their behaviour under various 
positions of load and cracks had already initiated in the arch (Robinson, 2000), at the 
same position as the four-hinge mechanism investigated in the current tests. This 
existing damage was simply quantified by measuring the shape of the arches and  the 
joint opening width before the current test. Figure 3.2 shows the shape of the arches 
before the current test. It can be found that the maximum deflecion located at the 
crown of the arches, 11mm at north arch and 13mm at south arch, which can be 
contributed to the weight of the backfill and the residual deformation from the past 
tests.  There was no significant opening on the mortar joints at both arches (i.e. 
smaler than 1mm), indicating that the existing damage was significantly smaller than 
that from the current test as shown in Figure 3.20. 
The current tests were conducted on the arches in 2008. It should be noted that no 
























Existing shape of arch (North)
Existing shape of arch (South)
Original design shape
North arch South arch
 




Figure 3.3 General arrangement of the two-span arch bridge 
(a) Schematic Arrangement 
(b) Photograph, taken from the west 
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3.2.2 Arrangement and application of the FRP strengthening 
A commercial FRP system intended for structural strengthening was used that 
comprises 100mm wide unidirectional pultruded carbon fibre-reinforced polymer 
(CFRP) plates and a two-part ambient-cure epoxy adhesive. An initial assessment of 
the quantity of strengthening to apply to the arches was made using the method 
described by Chen (2002). Three FRP plates were distributed across the intrados of 
the north arch, and six plates were similarly applied to the south arch. The FRP plates 
were labelled PN1 to PN3 and PS1 to PS6, from east to west, and were positioned as 
shown in Figure 3.4 and Figure 3.5. 
 
Figure 3.4 The western elevation of the arches, showing the strengthening plates, 




Figure 3.5 Developed plan view of the two arches’ intrados, showing the 
strengthening plates, instrumentation crack locations prior to strengthening 
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Prior to strengthening, sharp irregularities in the surface profile of the arch were 
removed by grinding, and the bonding surface was cleaned through a combination of 
grinding, wire brush, dry vacuum and solvent cleaning. An epoxy primer was applied 
to seal the porous masonry, and the plates were then bonded to the arch according to 
the manufacturer’s instructions. The adhesive was nominally 2mm thick, but this 
thickness varied considerably due to the profile of the arch. Temporary support was 
provided to the plates for 24 hours during the initial cure of the adhesive. 
3.2.3 Material properties 
The properties of the masonry materials were determined from specimens cut from 
the arches after the final test. Tests were conducted to determine: 
 the compressive strength (fcb), elastic modulus (Eb) and flexural tensile 
strength (ftb) of the concrete bricks; 
 the compressive strength (fcm), elastic modulus (Em) and flexural tensile 
strength (ftm) of masonry assemblages; and 
 the initial shear strength (fv0) and the internal angle of friction ( ) of a bed 
joint, derived from ‘triplet’ tests. 
Table 3-1 lists the masonry material properties obtained from these tests. This table 
also lists the direction of the property being tested relative to the direction of the bed 
joints. ‘Parallel to the bed joints’ is across the width of the arch, and ‘perpendicular 
to the bed joints’ is in the circumferential direction. The test methods were based 
upon the British Standards listed in Table 3-1 in so far as was possible given the 
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specimens that could be cut from the arches after the current tests. The test details are 
described in the following sections.  
Table 3-1 Properties of the masonry materials 
 
Material property 








fcb (MPa) 58.2 Perpendicular 














ftb (MPa) 8.84 Parallel 
BS 772-6 




















ftm (MPa) 0.1 Perpendicular 
BS 1052-2 










of friction (17) 






The sand fill had a density of 1520kg/m
3
 and an internal friction angle of 33° 
obtained from the shear test using the Jenike Shear Cell. The test result was shown in 
Chapter 3 
 67
Figure 3.6.  
 
Figure 3.6 The internal friction angle of sand from the shear test  
Based upon the manufacturer’s datasheet values, the FRP plates had a nominal cross-
section of 100mm 1.4mm, Young’s modulus of 170GPa and tensile strength of 
3100MPa. The epoxy adhesive had a Young’s modulus of 10GPa and minimum 
shear strength of 17MPa. 
3.2.4 Loading and instrumentation 
A load-control method was adopted in the current test. A line load was applied across 
the width of the arches. The load was applied to the backfill, at the quarter-span 
position above each arch in turn (Figure 3.3 and Figure 3.4) because the most critical 
loading position is between the third and middle span. The load was applied by 
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means of three calibrated 10-tonne hydraulic jacks, attached to a portal reaction 
frame that was bolted to the laboratory strong floor. A steel beam beneath the three 
jacks spread the applied load into a line, and a timber plate distributed this load over 
a wider area. A 570mm wide timber plate was used prior to strengthening the arches; 
after strengthening the width of the timber was increased to 670mm (as indicated in 
Figure 3.3) to prevent the load punching into the fill material. 
The load was applied using a hand pump and was controlled manually by observing 
the output from three load cells positioned beneath the hydraulic jacks. The loading 
rate was about 0.63kN/min per jack. Displacement transducers were used to measure 
radial displacements ( ) of the arch along a line halfway across their width (Figure 
3.4 and Figure 3.5). A sequence of digital photographs was taken on either side of 
the arch to allow crack formation to be monitored. 
When the strengthening was applied, the load cells and displacement gauges were 
augmented by electrical resistance strain gauges and crack width gauges. 25 strain 
gauges were bonded to the FRP at the locations shown in Figure 3.5 (12 under the 
north arch and 13 under the south arch) to measure the longitudinal strain ( ) on the 
centreline of the plates. The majority were installed on the central FRP plate, so as to 
record the variation in axial strain along the plate, with four gauges on the outer 
plates at the position of the hinge cracks created during the initial stage of loading. 
Five crack width gauges were used to measure crack openings (w); four were 
positioned over the hinge cracks on the arch being tested, and the fifth gauge was 
placed over a hinge crack in the adjacent arch (Figure 3.5). The gauges were placed 
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25mm from the open end of the crack. 
Not all of the instrumentation was used in every test. Tests on the north arch used: 
 five displacement transducers ( N1 to N5) under the north arch and 2 under 
the south arch ( S1 and S2); 
 all of the strain gauges ( ) under the north arch, but none of those under the 
south arch; and 
 four crack width gauges (wN1 to wN4) on the north arch, with 1 (wS1) on the 
south arch. 
The instrumentation was reversed for the tests on the south arch. 
3. 3 Material properties test 
This section describes the procedures and results of each test used to determine the 
material properties which summarized in Table 3-1. It is also worth nothing that all 
samples were cut from the arches after the current strengthening test.  
3.3.1 Compressive strength test of masonry units and composite 
3.3.1.1 Test setup and loading procedure 
The aim of these testes is to obtain the compressive strength and Young’s modulus of 
masonry unit, which is concrete brick at this study, and masonry itself (brick and 
mortar). All the specimens were picked from the masonry arch test and were per-
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loaded. It is believed that the compressive behaviour of specimens will not be 
affected significantly because the masonry arch was not failed due to compression. 
Total of 13 concrete brick were test based on the specifications in British Standard 
772-1 (2000). 7 specimens (BC-1 to BC-7) were loaded at the direction of the line of 
thrust of arch as shown in Figure 3.7a. 6 specimens (BC-8 to BC-13) were loaded at 
the direction perpendicular to the line of thrust of arch as shown in Figure 3.7b. Total 
of 3 masonry blocks (Figure 3.7c) were tested following the specifications in British 
Standard 1052-1. It maybe noticed that it is difficult to set the loading direction as 
the line of thrust of real arch due to geometry. Moreover, the loading eccentricity 
will also occur if the loading direction is set in vertical direction. Therefore, the 
direction of loading was set perpendicular to the line of thrust of real arch as shown 
in Figure 3.7c. It needs to be noticed that the behaviour of masonry under this 
condition will be different as the real arch because there are no continuous horizontal 
bed joints in specimens.  
Based on the specifications in BS 772-1 (2000), a thin layer cement capping mortar 
was applied to both top and bottom surfaces for all specimens to obtain smooth and 
flat contact surface. It took one day to allow the capping to be hardening. Single 
brick under load perpendicular to bed joint were tested using the 2000kN AVERY-
DENSION test machine and under load parallel to bed joint were tested using the 
1000kN AVERY universal machine in the Structural laboratory. The loading rate 
was chosen as about 0.6(N/mm
2
)/s as guide given in BS 772-1. Each specimen was 
loaded until it was crushed. The deformation of specimens with loading area about 
215 65mm
2
 was recorded using two LVDTs.  
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Masonry block were tested using the AVERY universal machine based on the 
specifications in BS 1052-1 (1998). A same cement capping mortar was applied at 
both top and bottom of each specimen. Two LVDTs were used to record the 
deformation of each specimen. A steadily loading rate about 0.5(N/mm
2
)/min was 
chosen based on the BS 1052-1 recommendation. All specimens were load until 
crushed.  
 
Figure 3.7 Compression loading tests on masonry units and itself 
(a) Perpendicular direction (b) Parallel direction 
(c) Compression test on masonry block (parallel) 
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3.3.1.2 Test results of concrete brick 
For the concrete brick under load perpendicular to bed joint, the ultimate load of 
specimens was recorded. Test results were summarized in Table 3-2. This loading 
direction is perpendicular to the bed joint.  
Table 3-2 Results of compressive strength of concrete brick under load perpendicular 















BC-1 1141 215 100 53.1 
BC-2 1218 215 103 55.0 
BC-3 1241 216 103 55.8 
BC-4 1417 216 103 63.7 
BC-5 1368 215 102 62.4 
BC-6 1132 217 103 50.6 
BC-7 1484 215 103 67.0 
58.2 6.1 
The typical failure mode is shown in Figure 3.8.  
 




For the concrete brick under load parallel to bed joint, the test results are summarized 
in Table 3-3. A typical stress-strain curve is shown in Figure 3.9.  






















Figure 3.9 Stress-strain curve of specimen BC-09 


















BC-08 487.6 217 68 33.0 
BC-09 512.6 216 69 34.4 
BC-10 629.4 216 66 44.1 






failure surface. This shear band failure mode is due to the friction between bricks and 
loading plate, as shown in Figure 3.11.  The mean value is 40.0MPa from the bricks 
under load parallel to bed joint, which is smaller than the mean value (58.2MPa) 
obtained from the bricks under load perpendicular to bed joint. That is because the 
friction between specimens and loading plate has more effect on the middle part of 
specimens when the height of specimen decreasing, such as height of specimens 
decreasing from about 100mm (parallel to bed joint) to about 65mm (perpendicular 
to bed joint).  
 
Figure 3.10 Failure of brick (BC-10) under load parallel to bed joint   
 
Figure 3.11 Sketch of failure pattern of compression test on brick 
Based on the specifications in BS ISO 1920-10 (2009), the Young’s modulus of 
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cE , where a is the upper loading stress 
( 3ca f ); b is the basic stress (i.e. 2MPa in this study); a and b are the strain 
corresponding to the two limit stresses. Results are summarized in Table 3-4. The 
average test results (16569MPa) are close to the test done by Fairfield (1994a) on 
same material (15000MPa). 






3ca f  
Range of 
stress to 












BC-08 11.0 2~11 17266 
BC-09 11.4 2~11 15482 
BC-10 14.7 4~14 18023 
BC-11 16.2 2~16 15506 
16569 1279  
3.3.1.3 Test results of masonry blocks 
All three specimens were tested on the 1000kN AVERY universal machine. The test 
setup is shown in Figure 3.12. Load and deflection were recorded to obtain the 
compressive strength and Young’s modulus of masonry. Results are summarized in 
Table 3-5. LVDTs were removed away when stress over about 10MPa to avoid 





Figure 3.12 Sketch of compression test on masonry block ( al =distance between two 
LVDTs) 


















MB-1 574.5 23192 675 24.8 
MB-2 588.7 23424 673 25.1 
25.0 0.25 





























Figure 3.13 Stress-strain curve for specimen MB-2 from LVDT 
The failure of this specimen was dominated by the cracks at the interface of mortar 
joints which are parallel to the loading direction. This is cause by the different 
dilation behaviour of mortar and concrete brick. After the applied load passing the 
peak load, the cracks at the interface continuously grew and led to the bricks on sides 
tend to fall down. Eventually, the collapse of the bricks on side and the crush failure 
on the middle bricks will lead to final failure of masonry blocks.  
The Young’s modulus of masonry block mE can be calculated as the same as that for 








3ca f  
Range of 
stress to 






MB-1 8.2   
The stress-
strain curve is 
missing in this 
range. 
MB-2 8.4 3.0~8.3 11815  
3.3.1.4 Compressive strength and Young’s modulus of concrete brick and 
masonry composite 
This section described a series laboratory test on masonry units and itself to obtain 
the compressive strength of each material. The compressive strength of concrete 
brick is 58.2MPa in the direction of line of thrust. The average compressive strength 
of masonry samples was 25.0MPa which is substantially lower than the compressive 
strength of brick because of the contributions from the weaker mortar filling the bed 
joints. This reason also results in that the Young’s modulus of masonry 11815MPa 
being lower than that from concrete brick. The failure of masonry is due to the 
development of crack at the interface parallel to the direction of loading, which is 
caused by the different dilation behaviour of mortar and units. 
3.3.2 Bending tensile strength test of masonry units  
3.3.2.1 Test setup and loading procedure 
The aim of this test was to obtain the bending tensile strength of the masonry unit of 
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the arch bridge. Total of eleven (CBF-1 to CBF-11) specimens picked after the 
arches test were based on the specifications in British Standard 772-6 (2001). It is 
believed that the behaviour of concrete brick has insignificant effects from the arch 
bridge test as the failure mode of arch was mechanism failure with debonding rather 
than crushed.  Three point bending test was set as the specifications in BS 772-6 
(2001). Three steel bars were used to provide two bottom supports and one upper 
loading roller. 7 specimens with greater bending stiffness EI (CBF-1 to CBF-7) were 
tested as shown in Figure 3.14 and 4 specimens with smaller bending stiffness EI  
(CBF-8 to CBF-11) were tested as shown in Figure 3.15.    
 
Figure 3.14 Bending tensile test of concrete brick with greater bending stiffness 
(mm) 
 




All testes were done in the Structural laboratory using the AVERY universal test 
machine and loading was applied until specimens failed. The loading rate was chosen 
as 40 N/s based on the recommendation of BS 772-6 (2001).  
3.3.2.2 Test results of bending tensile strength 
The ultimate load was recorded to calculate the bending tensile strength of each brick. 











Table 3-7 Results of bending tensile test on concrete brick 
Specimens 
Dimensions 










CBF-1 10365217  31.6 10.79 
 
CBF-2 10065230  26.2 10.28 
 
CBF-3 10465217  32.6 10.92 
 
CBF-4 10367218  25.1 8.37 
 
CBF-5 10367216  25.8 8.49 
 
CBF-6 10366220  25.0 8.57 
 
CBF-7 10266216  26.1 8.89 
 
CBF-8 10664216  21.5 11.59 
 
CBF-9 10566215  12.9 6.56 
 
CBF-10 10466217  15.2 7.90 
 




It can be seen from the Table 3-7 there are only 2 (CBF-2 and CBF-5) out of 7 bricks 
with greater bending stiffness were failed due to flexural crack. The rest of bricks in 
this group were failed due to shear crack. The more possible failure mode for these 
testes (CBF-1 to CBF-7) is shear failure, which can be contributed to the deep beam 
effect and greater bending stiffness.  The failure of deep beam is dominated by shear 
failure.  
In order to decrease the deep beam effect and bending stiffness, 4 bricks (CBF-8 to 
CBF-11) were loaded as shown in Figure 3.15. All four bricks were failed due to the 
flexural crack at the middle of brick. The bending tensile strength of concrete brick 
will be obtained from the specimens failed due to the flexural crack.  
3.3.2.3 Bending tensile strength of concrete brick 
There were total of 6 specimens failed due to flexural crack as shown in Table 3-8. 
The bending tensile strength of concrete brick is 8.84MPa. 

















3.3.3 Masonry mortar joint bending test 
3.3.3.1 Test setup and loading procedure 
The purpose of this experiment is to obtain the bending tensile strength of masonry. 
Total of 2 (MF-1 and MF-2) specimens from the arch test were tested based on the 
BS 1052-2 (1999), as shown in Figure 3.16. The geometry of each specimen 
presented in the following section. The width of specimens was assembled by two 
bricks and one mortar. Four point bending test was set as specified in BS 1052-2 
(1999). All testes were done in the Structural laboratory using the AVERY universal 
test machine and loading was applied until specimens failed. The loading rate was 
chosen as 50 N/s based on the recommendation of BS 1052-2 (1999). 
 
Figure 3.16 Bending tensile test of masonry (mm) 
3.3.3.2 Test results of bending tensile strength of masonry 
The ultimate load was recorded to calculate the bending tensile strength of each 
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specimen. The test results are summarized in Table 3-9.  








MF-1 455 182 4.8 
 
MF-2 285 143 2.3 
 
It can be seen from the Table 3-9 there are only one (MF-2) specimen was failed due 
to flexural because the crack located at the pure flexural zone. The other specimen 
(MF-1) was failed due to shear-flexural action. Only specimen (MF-2) can be used to 
calculate the tensile strength of masonry. It should be noticed that the failure 
occurred at the unit-mortar interface at both specimens.  
3.3.3.3 Bending tensile strength of masonry 
The bending tensile strength of masonry is obtained from the specimen MF-2. The 
tensile strength of masonry is 0.1MPa, which is as expected to be a significant small 
value. This value dominates the behaviour of masonry arch due to the mechanism 
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failure is caused by the formation of hinge at the unit-mortar interface. This failure 
mode verifies the characters of masonry, usually a negligible tensile strength. 
3.3.4 Shear strength test of masonry 
3.3.4.1 Test setup and loading procedure 
A total of 17 specimens (shear-1 to shear-17) were taken from the bridge to test the 
shear strength of the masonry (Figure 3.17). It may be noted that BS 1052-3 (2002) 
specifies that the shear strength should be tested from the horizontal bed joints as the 
failure planes in common structures such as masonry walls pass through them. For 
practicality, the shear force was applied in the arch plan (Figure 3.17) which is 
perpendicular to the main shear force developed in the arch bridge. Whilst the 
behaviour of the joints can be slightly different in the two directions, the difference is 
believed to be small and insignificant. Furthermore, the masonry specimens had been 
pre-loaded as they were taken out from the tested arch. Whilst their behaviour may 
be different from unloaded specimens, they should more closely represent the actual 
behaviour in the bridge. 
Specimens shear-1, shear-3 to shear-9 were bare masonry specimens without any 
CFRP attached. Specimen shear-2 was tested with some fibres and epoxy attached. 
Specimens shear-10 to shear-17 had some CFRP attached when cut out from the 




Based on the specifications in BS 1052-3 (2002) for masonry units with a 
compressive strength greater than 10MPa, the specimens were tested under pre-
compression stresses of approximately 0.2, 0.6 and 1.0MPa, equivalent to confining 
loads of 4.3, 12.9 and 21.5kN as the specimens had a cross-section of about 
215 100mm
2
. The confining loads were applied through a compressive jack 
connected to the LOS hydraulic loading machine. The shear load was applied using 
the AVERY test machine in the Structures Laboratory.  The specimens were 
supported using two pieces of steel with 12mm thick and two steel rollers with 
diameter of 12mm. The shear load was applied through a same steel plate placed at 
the top of specimen. Confining load was applied initially and was kept constant 
during the test. The shear load was applied until the failure occurred. A 0.2MPa/min 
loading rate was chosen based on the recommendation of BS 1052-3. 
 
Figure 3.17 Shear strength test of masonry unit (mm) 
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3.3.4.2 Failure modes 
Table 3-10 summarized the failure modes of each specimen.  







































All 17 specimens were failed due to the sliding along the interface between concrete 
brick and mortar with the direction of movement being parallel to the shear plane. 
That is because the interface is the weakest part of the specimens.  
3.3.4.3 Test results of shear strength of masonry 
It can be seen from the Table 3-11, the shear strength generally became greater once 
the larger confining load was applied. The value from the specimen Shear-2 was 
much greater than the other specimens under the same confining load even the failure 
still located at the interface between brick and mortar, which was due to some FRP 
and epoxy still attached on the surface. It can be seen from Table 3-11, the results 
obtained from two specimens (Shear-7 and shear 9) showed greater value. The data 
from this confining load (21.5kN) will be analysed with both including these two 





































Shear-1 235 103 4.3 0.178 27.4 0.566 
Shear-2 216 103 4.3 0.193 37.6 0.845 
Shear-3 221 102 4.3 0.191 29.3 0.650 
Shear-10 215 105 4.3 0.190 16.3 0.361 
Shear-11 225 105 4.3 0.182 23.0 0.487 
Shear-12 225 104 4.3 0.184 24.0 0.513 
Shear-4 215 103 12.9 0.583 44.0 0.993 
Shear-5 217 105 12.9 0.566 32.0 0.702 
Shear-6 210 103 12.9 0.596 44.2 1.022 
Shear-13 217 105 12.9 0.566 42.4 0.930 
Shear-14 220 103 12.9 0.569 35.5 0.783 
Shear-7 236 105 21.5 0.868 83.4 1.683 
Shear-8 223 105 21.5 0.918 47.0 1.004 
Shear-9 211 105 21.5 0.970 79.2 1.787 
Shear-15 208 103 21.5 1.004 49.0 1.144 
Shear-16 234 102 21.5 0.901 41.1 0.861 
Shear-17 219 103 21.5 1.130 51.0 0.953 
3.3.4.4 Initial shear strength and angle of internal friction of masonry 
Figure 3.18 shows the all individual shear strength against the normal 
precompressive stress and the linear determined from a linear regression of the 
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individual points. The initial shear strength vof at zero normal precompressive stress 
is 0.39MPa, which was obtained from the intercept of the line with the vertical axis 
(shear strength). The angle of internal friction is 42.9°, which is from the slop of the 
line.  
The characteristic value of the initial shear strength is MPaff vovok 31.08.0  and 
the characteristic angle of internal friction from tan8.0tan k , which is 36.6°. 


































Linear regression (individual test)
 
Figure 3.18 Shear strength and angle of internal friction (All specimens included) 
There are two tests (shear-7 and shear-9) with 21.5kN precompressive load showed 
greater value than the other specimens under same precompressive load. To 
eliminate the effects from dispersed values, these two samples are discharged from 
the data. The modified results were shown in Figure 3.19.  
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Linear regression (individual test)
 
Figure 3.19 Shear strength and angle of internal friction (Exclusive shear-7 and 9) 
The average initial shear strength vof at zero normal precompressive stress was 0.52 
MPa. The angle of internal friction is 30.1°, which is from the slope of the line. The 
characteristic value of the initial shear strength is MPaff vovok 42.08.0  and the 
characteristic angle of internal friction from tan8.0tan k , which is 24.9°. All the 
data are summarized in Table 3-12.  
Table 3-12 Initial shear strength and angle of internal friction 
 
Initial shear strength 
(MPa) 
Angle of internal friction 
(Degree) 
All 17 specimens 0.39 42.9° 
Exclusive shear-7 and 9 0.52 30.1° 
To sum up, this section described a series laboratory test on masonry to obtain the 
initial shear strength of the masonry. Total of 17 specimens were test under three 
different levels of confining load and all specimens were failed due to the cracks at 
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the interface between masonry unit (concrete brick) and mortar. The initial shear 
strength of masonry and the angle of internal friction were 0.39MPa and 43°, 
respectively.  
3. 4 Test Results 
This section presents the results for the tests carried out prior to strengthening, the 
tests carried out after strengthening, and the final collapse test on the south arch. 
3.4.1 Tests prior to strengthening 
Prior to strengthening, the north arch and south arch were individually loaded until a 
four-hinge mechanism had been established. Figure 3.4 shows the locations of the 
hinge cracks. The cracks are labelled in the form CNA, where the first subscript 
identifies the arch (North or South). The second subscript identifies the crack, using 
numbers for intrados cracks (e.g: CN1) and letters for extrados cracks (e.g: CNA). 





Figure 3.20 Typical hinge cracks after the final unloading, viewed from the west 
Figure 3.21 plots the load-deflection responses of the north and south arches. The 
response of the arches prior to strengthening is shown in the lower part of the 
responses. The load-deflection response is approximately bi-linear, with a change in 
stiffness when the hinge mechanism was established. This occurred at similar loads 
in the two arches: 35kN for the north arch, and 39kN for the south arch. Upon further 
loading, the arch behaved as an anti-symmetric four-hinge mechanism. The 
displacements were consistent with hinge mechanism.: the radial displacement was 
close to zero at the crown of the arch ( N3 & S3), outwards (positive) in the region of 
the extrados cracks ( N4, S4, N5 & S5), and inwards (negative) in the region of the 
intrados cracks ( N1, S1, N2 & S2). Minimal deflections were recorded in the 
adjacent unloaded arch, indicating little interaction between the two arches. 
A number of unload-reload cycles were conducted, only the last of these is shown in 
(b) Extrados Crack CNA (a) Intrados Crack CN1 
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Figure 3.21. The north arch was loaded to 46.2kN and the south arch to 49.7kN, 
when it was deemed that the arches were approaching their unstrengthened load 
capacities. Irrecoverable damage occurred as the hinge cracks opened, resulting in 
residual deformations once the load had been removed. The cracks were allowed to 
open wider on the north arch, resulting in greater residual displacements than for the 
south arch. Figure 3.22 plots the load-radial displacement at the crown of each 
unstrengthened arch. It is clear that the displacement at the crown was smaller than 
those from the others closed to hinge positions.  Moreover, the deflection reversing 
due to rotation at the crown of both arches at about 40kN indicated that it was close 









Figure 3.22 Load vs. radial displacement curves for both unstrengthened arches at 
the crown ( N3 and s3) 
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3.4.2 Tests after strengthening 
3.4.2.1 Overview of the test results 
After strengthening, each of the arches was loaded in turn until the ultimate limit 
state was reached due to debonding failure of the strengthening system. In the 
previous section, five failure mechanisms were identified for an FRP-strengthened 
masonry arch. A combination of three of those failure mechanisms occurred during 
the current tests: the hinge mechanism (involving rotation about flexural cracks), the 
sliding mechanism (involving shear along mortar joints), and debonding of FRP. In 
both arches, the tests were terminated after sudden debonding of the FRP from the 
masonry in the vicinity of the local masonry cracks. This debonding resulted in a 
sudden drop in the load-carrying contribution of the strengthening, and determined 
the maximum load capacity of the strengthened arches; however, the FRP did not 
completely separate from the masonry, and retrained some post-peak load capacity. 
In the following sections (3.4.3 and 3.4.4), the performance of the arches is reported 
and discussed in terms of its load-deflection behaviour, failure mechanism, crack 
width evolution, and FRP strain response. Each of the tests on the arches is discussed 
in turn. 
3.4.3 North arch test after strengthening  
The north arch was strengthened using 3 FRP plates (Figure 3.5a). The following 
data were recorded during the test on the north arch: 
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 Load vs. radial deflection response (Figure 3.21a). Note that the displacement 
transducers were reset at the start of this test, so the figure plots additional 
displacement and does not include the residual displacements from the end of 
the test prior to strengthening. 
 Crack width development (Figure 3.23a). The figure plots the crack 
displacement at the mouth of the crack, calculated from the displacement at 
the gauge position by assuming that the crack rotates about the opposite fibre 
of the arch.  
 The development of strain in the FRP plates, presented as a load-strain 
response for the gauges coincident with cracks CN1 and CNA in Figure 3.24a, 
and as profiles of strain in the central FRP plate (PN2) for different applied 
loads in Figure 3.25a. 
 The failure mode of the arch, showing the location of cracks in the masonry 
and the extent of debonding of the FRP strengthening form the masonry. This 
is presented as a plan view along the developed length of the arch in Figure 
3.26a, and as sections taken along the strengthening plates in Figure 3.27. 
3.4.3.1 Initial loading (0 to 50kN) 
The load-displacement response of the strengthened arch was stiffer than for the arch 
prior to strengthening. The FRP bridged the cracks, and resisted their opening. 
As discussed in section 3.1, a four-hinge mechanism (with an extrados crack at CNA 
and an intrados crack at CN1) was established in the arch prior to strengthening 
(Figure 3.4). After strengthening, the same four-hinge mechanism opened up during 
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the initial stages of loading, as shown by the positive crack widths in Figure 3.23. 
The strains in the FRP plate at the crack positions are also consistent with the hinge 
mechanism, giving tension at the intrados crack and compression at the extrados 
crack (Figure 3.24) during the early stages of loading. 
The north arch test had negligible affect upon the unloaded south arch at any point 
during the test: no deflection was recorded by gauges S1 or S2 in the south arch, and 
crack wS1W did not widen. 
The four-hinge mechanism can also be seen in the strain profile along FRP plate PN2 
(Figure 3.25a). For loads less than 110kN, the peak strain is recorded in gauge N2-5, 
coincident with the intrados crack CN1. The strain decreases to either side of this 
crack, with a compressive strain at N2-8, coincident with the extrados crack CNA. The 
load-strain response shows that there was little variation in the load carried by each 
of the plates, with only a small difference in the plate strains up to 110kN. 
3.4.3.2 Increased loading (50 to 110kN) 
A true four-hinge mechanism only acted up to a load of around 50kN (approximately 
the capacity of the original arch without strengthening). Above this load, intrados 
crack CN1 continued to open as the load was increased (Figure 3.23a), as did the 
strain in the FRP at this location (Figure 3.24a). The extrados cracking, however, 
became more distributed. Extrados crack CNA started to close up (the crack widths in 
Figure 3.23a and FRP plate strains in Figure 3.24a returned to zero), at the same time 
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as extrados cracks CNB and CNC (Figure 3.26a & Figure 3.27) formed and opened up. 
A consequence of the more distributed cracking was that the arch no longer deflected 
in an anti-symmetric mode (Figure 3.21a): the crown ( N3) displaced inwards, and 
the outwards deflections of the arch were greater than the inwards deflections. 
At loads above 80kN, there are frequent fluctuations in the load-deflection, load-
strain and load-crack width graphs (Figure 3.21a, Figure 3.23a and Figure 3.24a). 
These fluctuations were accompanied by audible damage events. The exact nature of 
the damage could not be observed. This might have been caused by a combination of 
micro-cracking and softening of the FRP to masonry interface (either within the 
adhesive, the masonry surface, or (unlikely) within the FRP plate), and damage 
elsewhere in the masonry, such as cracking in the mortar joints and local crushing of 
the masonry in compression in the hinge region. The progressive build up of damage 
within the arch led to softening of the load-deformation response. Other possible 
causes may include the slip-stick behaviour between the sand fill and the arch, or 
localised intermitted local failure planes formed in the sand fill, both leading to 
redistribution of pressures on the arch and thus fluctuations on the response curves. 
All of the crack width gauges except wN1W were removed at a load of 100kN to avoid 
damage to the gauges. 
3.4.3.3 Debonding of the FRP from the masonry (above 110kN) 
Additional damage continued to occur within the arch as the applied load was 
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increased beyond 110kN. The micro-cracks that had formed up to this point 
coalesced to form macro-cracks, particularly along the masonry to FRP interface, 
which resulted in sudden debonding of portions of the FRP from the masonry. 
A number of significant debonding events can be picked up from the plots of strain 
and deflection: 
 At 116kN, the central FRP plate (PN2) partially debonded along a short 
distance either side of intrados crack CN1. This can be seen in the load-strain 
response (Figure 3.24a), in which there is a small sudden drop in strain at the 
central plate ( N3-1), and in the strain profile (at 119kN in Figure 3.25a), in 
which there is a sudden increase in strain at the gauges adjacent to the crack 
( N2-4 and N2-6), indicating debonding along this length. 
 At 123kN, a second debonding event resulted in a dip in the load-deflection 
curves (Figure 3.21a). This was due to further debonding of the central plate, 
as shown by the second sudden but far bigger drop in strain in plate PN2 
(Figure 3.24a). 
 The partial debonding of the central plate from the masonry required the outer 
plates to pick up additional load and undergo higher strains (Figure 3.24a). 
Consequently, the third significant debonding event occurred in the plate that 
carried the highest strain (PN3) at a load of 129kN, as can be seen on the load-
strain plot for plate PN3 (Figure 3.24a). 
 At 132kN, all three plates debonded simultaneously along a substantial 
length. This resulted in a sudden increase in deflection and crack widening, a 
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drop in the FRP strain and consequently a drop in the load carried by the arch 
(Figure 3.21a, Figure 3.23a and Figure 3.24a). 
At plates PN2 and PN3, debonding occurred on both sides of the flexural intrados 
crack CN1 (Figure 3.26a and Figure 3.27). On the east side of the arch (plate PN1), 
however, a shear crack formed through the masonry at the crown of the arch, which 
joined the intrados crack CN1 between plates PN1 and PN2 (Figure 3.26a and Figure 
3.27). This shear crack caused plate PN1 to debond from the masonry on only one 
side of the crack, in a peeling mode that was compatible with the shear deformation 
across the crack (Figure 3.28a).  
3.4.3.4 Residual load and deformation 
Failure of the FRP strengthening was caused by simultaneous debonding of the three 
FRP plates described above. However, it should be noted that the FRP had not 
completely separated from the masonry and still bridged across the cracks and helped 
prevent collapse of the arch. The residual load carried by the north arch after 
debonding was 64.8kN, a value that was dependent upon the stiffness of the 
hydraulic loading system. Figure 3.21a also shows that there were substantial 













Figure 3.25 Distributions of longitudinal FRP strain along the central plates at 




Figure 3.26 Developed plan view of the arches showing crack locations in the 




Figure 3.27 Sections along the FRP plates in the north arch, showing the failure 




Figure 3.28 Detailed view of debonding of the FRP from the masonry post peak load 
3.4.4 South arch test after strengthening  
The strengthened south arch behaved in a broadly similar manner to the north arch; 
(b) Flexural crack and debonding at Plate PS4 
(a) Shear crack and debonding at Plate PN1 
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however, more FRP was applied to the south arch (6 FRP plates, Figure 3.5b). 
Similar data were recorded as for the north arch: 
 Load vs. deflection response (Figure 3.21b). 
 Crack width development (Figure 3.23b).  
 FRP plate strains, in terms of load-strain at gauges coincident with cracks 
(Figure 3.25b) and strain profiles along the central plate (Figure 3.25b). 
 The failure mode of the arch, in plan view along the arch developed length 
(Figure 3.26b), and sections along the plates showing the initial debonding 
event (Figure 3.29) and the final failure (Figure 3.30). 
3.4.4.1 Initial loading (0 to 50kN) 
During the early stages of loading, the arch behaved as a true four-hinge mechanism, 
with crack opening at both the intrados (CS1) and extrados (CSA) cracks that were 
established prior to strengthening (Figure 3.23b). As for the north arch, the FRP plate 
strains were tensile adjacent to intrados crack and compressive adjacent to the 
extrados crack (Figure 3.24b and Figure 3.25b), and the load-deflection response was 
stiffer than the unstrengthened arch (Figure 3.21b). 
3.4.4.2 Increased loading (50 to 250kN) 
As the load was increased above 50kN (the approximate unstrengthened arch 
capacity), extrados crack CSA started to close up (Figure 3.23b), and the formation of 
a second extrados crack CSC was observed (Figure 3.26b). This modified four-hinge 
mechanism is consistent with the distributed extrados cracking seen in the north arch. 
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The FRP remained in compression at extrados crack CSA throughout the test (Figure 
3.24b).  
The equal crack widths to either side of the arch (Figure 3.23b) and similar FRP 
strains at similar locations in the different plates (Figure 3.24b) indicate uniform load 
carrying across the width of the arch. Figure 3.23b also shows that the width of the 
intrados crack CN1 on the north arch reduced as the south arch was loaded, indicating 
some interaction between the two arches. The north arch was severely damaged after 
FRP debonding failure and contained wide cracks during the south arch test, so it is 
not surprising that it was much more sensitive to load than the south arch. 
The strain profile along the central plate PS4 had its peak at the intrados crack CS1 
(gauge SS4-6) for loads up to 200kN. As expected, the strain drops away to either side, 
with compressive strains at the extrados crack locations.  
At 210kN, a new intrados crack CS2 formed in the arch two bricks away from the 
original crack CS1 on the east side of the arch (Figure 3.26b and Figure 3.31). The 
crack could be seen to cross the first two strengthening plates (PS1 & PS2), and was 
not present under the two western-most plates (PS5 & PS6), but it was not clear 
whether the crack extended across the two central plates (PS3 & PS4) because it was 
not safe to inspect the underneath of the arch at these high load levels. The formation 
of this intrados crack increased the rate of strain increase in plate PS1 (which bridged 
the new crack) with loading ( s1-1 in Figure 3.24b) and increased the rate of crack 
closure (Figure 3.23b). The former phenomenon is consistent with the findings of 
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recent research that shows that the bond resistance is increased when an FRP plate 
bridges multiple cracks in a concrete beam (J. F. Chen et al., 2007; Teng et al., 2006). 
The location of the peak strain in plate PS4 shifted towards the new crack at the same 
time, suggesting that the new crack may have extended under this plate. 
There are frequent fluctuations in the load-deflection and load-strain graphs (Figure 
3.21b and Figure 3.24b) above 200kN. Just as for the north arch, these indicate 
progressive damage to the masonry and masonry-FRP interface, initially as micro 
cracks that cause material softening. 
3.4.4.3 Debonding of the FRP from the masonry (above 250kN) 
Damage accumulation along the masonry-FRP interface resulted in sudden 
debonding of the FRP from the masonry: 
 The first significant debonding event occurred at a load of 250kN, when plate 
PS2 debonded over a short length to either side of the two intrados cracks (CS1 
and CS2). The extent of debonding at this stage is shown in Figure 3.29; the 
other five FRP plates remained bonded to the masonry. Debonding was 
accompanied by a drop in the load-displacement response (Figure 3.21b), an 
increase in crack opening on the east side of the arch (Figure 3.23b), and an 
increase in the strain in plate PS1 (Figure 3.24b), which picked up some of the 
load shed by plate PS2. 
 The capacity of the strengthened arch was reached at 254kN, when debonding 
occurred along a substantial length of all of the FRP plates. It was not 
Chapter 3 
 112
possibly to determine whether failure initiated in one plate in particular; all 
six plates appeared to debond simultaneously. However, the strain profile 
(Figure 3.25b) shows that the peak FRP strain at the intrados crack did not 
increase as the load was increased from 250 to 254kN, and that the debonded 
region expanded to either side. Failure of the FRP strengthening caused a 
sudden increase in deflection and a drop in the load carried by the arch 
(Figure 3.21b). 
The details of the masonry cracking and FRP debonding varied across the width of 
the arch, as shown in Figure 3.26b and Figure 3.30. (It was not possible to determine 
the full extent of the extrados cracks CSC and CSD as they were beneath the sand fill). 
Flexural cracking of the masonry led to failure at plates PS1, PS2, PS3 & PS4 (the east 
and centre of the arch), where the FRP debonded on both sides of the critical crack. 
The debonded length was approximately the same at all of these positions. Plate PS4 
(typical of debonding across a flexural crack) is shown in Figure 3.28b. 
On the west side of the arch, failure was due to a combined flexure-shear failure 
deformation along crack CS1, as shown in Figure 3.32. Consequently, PS5 debonded 
from the masonry on one side of the crack by peeling; PS6, however, debonded to 




Figure 3.29 Plate PS2 on the south arch after initial debonding (250kN) 
 




Figure 3.31 The second intrados crack (CS2) on the east side of the south arch, which 
formed adjacent to the first intrados crack (CS1) 
 
Figure 3.32 Mixed-mode flexural and shear failure at intrados crack (CS1), on the 
west side of the bridge 
 
Intrados crack CS1 Intrados crack CS2 
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3.4.4.4 Residual load and deformation 
The residual load on the south arch after the FRP strengthening had failed was 91kN, 
and residual radial displacements of up to 18mm remained after unloading (Figure 
3.21b). 
3.4.5 Collapse test on the south arch 
The arches were completely unloaded after the debonding failure of the FRP 
strengthening so that the instrumentation could be removed. The south arch was 
reloaded to determine its collapse mode and strength. Digital image correlation 
(using geoPIV software (White et al., 2003)) was used to determine the radial 
deflections at the same positions as the displacement gauges (except for S1, which 
was not visible behind the loading frame), allowing the load-deflection response of 
the arch to be plotted in Figure 3.33. 
The FRP plates debonded from the arch over a considerable length when the 
strengthening failed (Figure 3.26), but they still remained attached. During the 
collapse test they acted as ties that bridged the cracks in the masonry and contributed 
to the load carrying capacity of the arch. The debonded length of the FRP ties 
increased as the arch was re-loaded, accompanied by the opening of hinge cracks 
with the masonry. The FRP tie action allowed the arch to carry 113kN, substantially 
higher than the strength of the arch prior to strengthening (49.7kN). Large 
deformations were observed at this load (Figure 3.33), during which the FRP ties 
gradually debonded from the masonry arch.  
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Final collapse occurred when the FRP strengthening completely separated from the 
masonry portion beneath the loading area and the arch collapsed in a hinge 
mechanism. 
There was no deflection reversing at the crown ( S3) in this test. However, it was 
observed in the unstrengthened arches as shown in Figure 3.22. This was because the 
FRP gradually debonded only from the masonry portion beneath the loading area and 
still remained attached to the symmetric portion. This tie-action led to the crown 
continuously deform outward. This consistent outward deflection implied the 
debonding mostly occurred at the masonry beneath the loading area as observed from 
the test.   
 
Figure 3.33 Load vs. equivalent radial displacement curves for the south arch, 
including the collapse test after debonding failure of the FRP strengthening 
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3. 5 Discussion 
3.5.1 The effectiveness of the FRP strengthening system 
3.5.1.1 Load capacity 
The FRP strengthening plates significantly increased the load carrying capacities of 
the north and south arches. The capacity of the north arch (strengthened with 3 plates) 
was increased by 285%, from 46.2kN to 132kN. The capacity of the south arch 
(strengthened with 6 plates) was increased by 510%, from 49.7kN to 254kN. The 
four-hinge collapse mechanism can therefore be prevented and the load capacity of 
the arch increased substantially using externally-bonded FRP strengthening. 
It needs to be stressed that the length of loading plate changed before (570mm) and 
after (670mm) strengthening. The longer loading plate implies a greater confinement 
for the backfill, and thus leads to a greater load carrying capacity of the masonry arch. 
This effect was analysed by using the classical mechanism method for masonry arch 
bridge. The details of the mechanism analysis was presented in the Chapter 5 
(section 5.6.4) and the spreadsheet calculations was reported in Appendix 2. The 
results were summarized in Table 3-13. It is clear that the wider plate gives a greater 
load carrying capacity, increasing by 108% obtained from mechanism analysis, for 
the original masonry arch. After eliminating the effects on the load carrying capacity 
from the increase of the loading plate width, the improvements of the load carrying 
capacity by FRP strengthening should be reduced to 263% for the northern arch and 
470% for the southern arch.  
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Table 3-13 Comparison of the results from test and mechanism analysis 





570mm 670mm 670mm 
 Test (kN) Mechanism analysis (kN) Test (kN) 
North arch 46.2 132 
South arch 49.7 
41.9 45.5 
254 
It should be noted, however, that such a large increase in capacity is unlikely to be 
allowed in design; the Concrete Society (2004), for example, require the structure to 
carry the unfactored loads without strengthening, to avoid catastrophic collapse due 
to unforeseen damage to the strengthening.  Furthermore, the current work was 
carried out upon a single-ring arch, and not a multi-ring arch as found in many real 
structures. Ring separation failures may occur in strengthened multi-ring arches, 
especially as the FRP can only be applied to the intrados ring of the arch. Other 
appropriate strengthening would be necessary if ring separation becomes critical. 
3.5.1.2 Strengthening mechanisms and modes of failure 
The strengthening acted in the same manner in both arches: the FRP bridged the 
hinge cracks and resisted flexural opening. By resisting the four-hinge mechanism, 
the FRP allowed additional cracks to form within the arch because it allowed the line 
of thrust to move outside of the arch ring; in both arches, an additional extrados 
crack (CNC, CSC) and additional intrados crack (CN2, CS2) formed adjacent to the 
original cracks (Figure 3.27 & Figure 3.30). It is worth noting that additional 
extrados cracks formed despite the fact that the FRP was applied only to the intrados 
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of the arch. However, it remains unclear whether (and if any, how much) the FRP 
strengthening contributes to the shear capacity of the arch ring. In both arches shear 
deformation occurred across masonry cracks at failure (Figure 3.27 & Figure 3.30). 
The two arches differed only in the number of strengthening plates applied to them, 
and the fact that the north arch was tested prior to the south arch. Using twice as 
many FRP plates on the south arch resulted in smaller crack widths compared to the 
north arch (Figure 3.23). 
Failure of the FRP strengthening system occurred when the FRP plate debonded 
from the masonry at an intrados plate beneath the loading position. For both arches, 
this occurred when the strain in one of the FRP plates reached about 2250µstrain 
(Figure 3.24). This is in good agreement with the debonding strain predicted by Chen 
and Teng’s (2001) anchorage model, using the material properties of the masonry 
assemblage in place of concrete. This predicts that debonding occurs at a strain of 
2430µstrain for the north arch (with 3 strengthening plates), or 2164µstrain for the 
south arch (with 6 strengthening plates). The calculation was shown in Appendix 1. 
This anchorage model is essentially designed for the flat surface (Mode II). However, 
this closed prediction indicates that there is no significant influence of curvature on 
the debonding load, which confirmed the studies conducted by De Lorenzis (De 
Lorenzis and Zavarise, 2009; De Lorenzis and Zavarise, 2010). 
There was considerably less warning of failure of the strengthening system for the 
south than the north arch, with far less separation between first debonding of the FRP 
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and the capacity of the strengthened arch (Figure 3.21). As previously noted, there 
was a series of debonding events in the north arch above 116kN, in plate PN2 and PN3, 
allowing the load to be re-distributed between the strengthening plates before failure 
of all three plates simultaneously at 132kN (Figure 3.24a & Figure 3.25a). In the 
south arch, however, there was only one debonding event prior to failure and very 
little re-distribution of load (Figure 3.24b & Figure 3.25b), a consequence of the 
higher reinforcement ratio using a brittle material. 
There were also differences in the crack opening behaviour in each arch. In both 
arches, the original extrados crack (CNA, CSA) initially opened (Figure 3.23) and the 
FRP at this location was consequently in compression (Figure 3.24). As the load 
increased, however, the width of this crack gradually reduced (Figure 3.23), partly 
due to the formation of neighbouring extrados cracks (e.g.: CNC, CSC). (Note that 
negative crack widths in Figure 3.23 indicate a reduction of the crack width relative 
to its original width; the crack surfaces were not in contact; i.e. the crack was not 
fully closed). In the south arch, the FRP at the extrados crack remained under 
compression, but in the north arch it changed to tension (Figure 3.24). It is difficult, 
however, to attribute this difference in behaviour to the different number of 
strengthening plates applied to the arches; it is possible that some of the sand fill 
material had entered the crack in the north arch, and that this acted as a pivot that put 
the FRP into tension as the crack tried to close. 
Following the initial failure of the strengthening system, the FRP did not completely 
separate from the arch, but acted as ties that continued to contribute to the load 
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carrying capacity of the arch. The ties gradually debonded from the masonry as the 
hinge cracks grew, giving a degree of ductility albeit at a load lower than the peak 
capacity of the strengthened arch. 
3.5.2 Debonding along the FRP to masonry interface 
Brittle debonding of the FRP from the masonry is critical in the failure of FRP 
strengthened masonry arches. Debonding occurs in the weakest link of the FRP to 
masonry interface. Close to the hinge crack, failure occurred within the masonry, 
leaving a layer of brick (approximately 2mm thick) and mortar (approximately 
10mm thick) attached to the plates. Further away from the hinge, failure occurred 
within the surface of the FRP plate, leaving some of the plate fibres attached to the 
arch (Figure 3.28b). In neither case did failure occur within the bonding adhesive, 
demonstrating that the surface preparation and FRP installation work were correctly 
carried out. 
The two different locations of debonding are indicative of two different modes of 
debonding. Debonding occurred within the surface of the FRP in regions where peel 
debonding was significant, due to the low transverse strength of the FRP plate. 
Where shear debonding dominated, however, failure occurred within the surface of 
the masonry. 
 Shear debonding dominates close to a flexural hinge crack (such as CS2 
crossing plate PS2, Figure 3.30b). Load is transferred between the FRP and 
the masonry predominantly by shear stress across the adhesive interface. 
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 Peel debonding dominates to one side of a shear or mixed mode flexure-shear 
crack (such as CN2 crossing plate PN1, Figure 3.27b). Shear across the crack 
requires normal (peel) stresses to be carried across the adhesive. 
 Peel also plays an important part once the FRP has debonded over a 
substantial length and the FRP forms a tie, due to the angle at which the plate 
joins the intrados of the arch. 
This chapter has focused upon the experimental results from the arch tests, but 
additional work is being carried out to interpret and model the debonding failure in 
detail. 
3.5.3 Alternative strengthening materials 
Whilst the arch bridges were strengthened with externally bonded FRP plates on 
their intrados, they may be strengthened in a similar manner using other suitable 
materials, such as near surface mounted (NSM) bars made of FRP or stainless steel 
bars. The behaviour of these systems is likely to be similar to externally bonded FRP, 
although the bond characteristics will differ. It must also be noted that, whilst the 
FRP strengthening is very effective for enhancing the loading capacity due to the 
four hinge mechanism failure, other failure modes such as shear and ring separation 




3. 6 Conclusions 
The load capacity of a masonry arch bridge can be significantly increased by bonding 
FRP plates to its intrados. This chapter has presented tests conducted upon a large 
model two-span single-ring masonry arch bridge, topped by a sand fill. Each of the 
arches was initially loaded to determine their capacity prior to strengthening. Carbon 
FRP plates were then bonded to the intrados of the arches, and the arches were again 
tested to determine their strengthened response. Measurements were taken of both 
the global arch response (load and displacement) and of local behaviour (FRP strains 
and masonry crack widths) to achieve a detailed understanding of the FRP 
strengthened arch. 
The FRP strengthening restrained the opening of the hinge cracks that form in a 
masonry arch and consequently reduce their deformation. By restraining the flexural 
crack opening required for a four-hinge mechanism, additional cracks are able to 
form within the masonry. The load capacity of the arch is increased because the FRP 
strengthening allows the line of thrust to move out of the extrados. Furthermore, 
masonry shear cracks (or mixed-mode flexure-shear cracks) are more likely to form 
when the four hinge-mechanism failure load is significantly increased by the FRP 
strengthening.  
The capacity of the strengthened arches was governed by the behaviour of the bond 
between the masonry and the FRP plate. Debonding occurred at an intrados crack, 
and two debonding modes were observed. Flexural opening of the masonry crack 
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resulted in shear debonding of the FRP on both sides of the crack, whereas shear 
deformation in the masonry results in peel debonding of the FRP to one side of the 
crack. Some load redistribution occurred between initial debonding and collapse for 
the arch strengthened using 3 FRP plates, but collapse occurred with little warning in 
the arch with 6 plates. 
The FRP did not completely separate from the masonry arch at the ultimate load, but 
remained attached at either end. Thus, post-debonding tie action prevented 
catastrophic collapse and maintained the integrity of the arch despite it being greatly 
deformed. It should be noted, however, that whilst the capacity of the tie mechanism 
was above that of the unstrengthened arch, it was substantially below the 






MODELLING OF FRP TO CONCRETE BOND 
BEHAVIOUR USING A CONCRETE DAMAGED 
PLASTICITY MODEL 
4. 1 Introduction 
Externally bonding fibre reinforced polymer (FRP) has been widely used to upgrade 
and retrofit concrete structures (Teng et al., 2002). One of the critical failure modes 
of flexurally and shear strengthened structures is the debonding failure of the 
externally bonded FRP (Chen and Teng, 2001). This has led to extensive research on 
the bond behaviour between FRP and concrete in the last two decades. This bond 
behaviour is typically investigated experimentally using the ’shear’ test of FRP-to-
concrete bonded joints where a plate is bonded to a concrete substrate and subjected 
to a tension force (e.g., Ali-Ahmad et al. (2006); Täljsten (1996); Wu et al. (2001) 
and Yao et al. (2005)) as shown in Figure 4.1.  
 
Figure 4.1 Typical setup for shear test of FRP-to-concrete bond joint (Yao et al. 
(2005)) 
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Typical failure in the shear test occurs in the concrete a short distance away from the 
adhesive-concrete interface. The bond behaviour is thus usually controlled by the 
behaviour of the concrete. In addition to the experimental studies, the bond 
characteristics of the FRP-to-concrete  interface have also been investigated in a 
number of analytical (e.g., Chen et al. (2007); Yuan et al. (2004)); and numerical 
(e.g., Chen and Pan (2005); Coronado and Lopez (2007); Diab and Wu (2007); Lu et 
al. (2006; 2005b) and Pham and Al-Mahaidi (2007)) studies.  
Existing finite element (FE) studies on the FRP-to-concrete bond joint may be 
classified into three approaches: a) direct model approach where the behaviour of 
concrete is accurately modelled in meso-scale with an appropriate constitutive model 
(e.g., Lu et al. (2006; 2005b)); b) interface model approach where the bond 
behaviour is modelled using a layer of interface elements (e. g., Diab and Wu (2007)); 
and c) crack band approach where the debonding failure is assumed to take place 
within a band in the concrete adjacent to the FRP-concrete interface and a modified 
constitutive law is required for this band (Coronado and Lopez, 2007; Coronado and 
Lopez, 2010). The first approach can be used to predict not only the entire debonding 
failure process but also the bond-slip relationship for the FRP-to-concrete interface. 
The second approach relies on the appropriate use of a bond-slip model as the 
constitutive law for interface element, which may be developed from either the first 
approach or from test. This is thus not really a predictive approach for the bond 
behaviour but appropriate for modelling large structures where meso-scale modelling 
of concrete is unrealistic (Chen et al. 2012; Chen et al. 2011). The third approach 
requires different material constitutive model for the crack band which needs to be 
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obtained from experiments and could be sensitive to the adhesive used. It means that 
this approach is also not truly predictive. Therefore, for simulating the detailed bond 
behaviour, the first approach is more appropriate. However, numerical studies on the 
bond behaviour using this approach have been very limited due to the difficulties of 
modelling concrete. 
The purposes of this study are to develop an accurate predictive FE model, 
eliminating the above-mentioned deficiencies, and mainly to develop a constitutive 
model of concrete for the following chapters. To this end, existing numerical studies 
on FRP-concrete bond behaviour are reviewed first to analyses the advantages and 
disadvantages of each approach. A new FE model is then proposed to overcome the 
shortcomings. In the proposed model, the concrete is accurately simulated using a 
concrete damage plasticity model, incorporating a new damage model based on the 
plastic degradation theory. The proposed model is then validated by comparing its 
predictions with test results for the bond behaviour of single shear test of the FRP-to-
concrete bonded joint. Predictions using existing concrete damage models are also 
compared with those of the new damage model. It needs to be noticed that this work 
mainly focused on the FRP-to-concrete instead of FRP-to-concrete masonry which 
includes both concrete (units) and mortar. 
4. 2 Existing numerical modelling on FRP-to-concrete bond behaviour  
4.2.1 (a) Direct model approach 
Previous studies on numerical simulation of the FRP-to-concrete bond behaviour 
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may be summarised in Table 4-1 according to the aforementioned three modelling 
approaches. In terms of the direct model approach, a meso-scale FE mesh (it has 
been commonly in the range of 0.5~2mm for the smallest element size) has to be 
adopted to model the detailed behaviour near the FRP-to-concrete bond so that the 
bond-slip behave can be obtained. Lu et al. (2005b) adopted fixed angle crack model 
together with a shear retention model for concrete. The bond-slip model (Lu et al., 
2005a) developed based on Lu et al. (2005b) has been very widely accepted by the 
research community. The same author (Lu et al., 2006) adopted rotation angle crack 
model in conjunction with a user-defined constitutive model for concrete. However, 
these two FE models were implemented through a user-subroutine in MARC (2003) 
which very few researchers in structural engineering have the skills to execute 
nowadays. The predictions are also sensitive to the choice of the shear retention 
model. Pham and Al-Mahaidi (2007) directly adopted the concrete model in DIANA 
(2003). There were transition layer of elements (2mm-10mm for the element size) 
and coarse layer of elements (10mm for the element size) involved in the FE model. 
However, the effects of the range of the fine layer elements have not been 
investigated even the results showed the concrete cracks propagated into the 
transition layer and coarse layer. Apart from the smeared crack model of concrete, in 
some studies (e.g., Camata et al. (2004); Pham et al. (2006)), combined models 
involving both the smeared and discrete crack model to simulate the concrete have 
been developed. However, this approach usually requires an additional interface 
crack model to define the discrete crack behaviour, making it even more complex. 
Moreover, it is difficult to locate the pre-embedded cracks in the model.  
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4.2.2 (b) Interface model approach  
The interface model approach used to simulate the single shear bond test is less 
concerned because the constitutive law (e.g., bond-slip law) for the interface 
elements is needed to obtain from the direct model approach or pull-off test. 
Therefore, this approach is usually adopted to simulate the problems when the meso-
scale model is not appropriate, especially in three-dimensional model (Salomoni et 
al., 2011). The concrete-to-FRP interface layer is usually represented by interface 
elements (Diab and Wu, 2007) or a contact interfaces model (Salomoni et al., 2011).  
4.2.3 (c) Crack band model approach 
The crack band approach assumes that debonding occurs within a thin band in the 
concrete adjacent to the adhesive-to-concrete interface, and the properties of the 
concrete within this band are different from the nearby plain concrete because of the 
presence of adhesive (Coronado and Lopez, 2007; Coronado and Lopez, 2008). 
Consequently, a modified concrete constitutive law is required for this band 
(Coronado and Lopez, 2007; Coronado and Lopez, 2010). Test is required to obtain 
the constitutive law, especially the tension softening behaviour, of the band. This 
means that it is debatable whether the approach is predictive. Furthermore, 
debonding occur within this band or in the concrete outside of this thin band. If it is 
within the band, the properties can be significantly affected by the adopted adhesive, 
rendering the approach more complex for practical applications.  
Based on the above discussion, it may be concluded that the direct model approach is 
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the most appropriate for modelling the FRP-to-concrete bond behaviour as a truly 
predictable model. It is thus adopted in this study.  
 
Table 4-1 Summary of FE studies on FRP-to-concrete bond behaviour 
Modelling of concrete Numerical 
approach 
Reference 
In compression In tension 
Remarks 
(Software) 
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4. 3 Modelling of concrete 
4.3.1 Crack band theory of concrete fracture 
There are two common methods which can be used to describe the computational 
mechanics of concrete cracking: discrete crack model and smeared crack model 
(Rots, 1991). In the former, a crack is treated as a geometrical identity so it is either 
pre-embedded in the FE mesh or through continuous re-meshing (Yang and Chen, 
2005; Yang et al., 2003). The latter keeps the geometry constant and the cracking is 
modelled through the concrete constitutive law (Rots, 1991). The smeared crack 
approach is adopted in this study as it is impossible to track multiple cracks, 
especially the numerous micro-cracks in the single shear test where failure occurs 
within a few millimetres in the concrete adjacent to the bond line. 
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One of the drawbacks in the smeared concrete model is that it involves the strain 
localisation phenomenon due to strain-softening, where the energy consumption 
approaches to zero during crack propagation when the element size approaches to 
zero (Bažant and Jaime, 1998). This can be overcome by adopting the crack band 
theory (Bažant and Oh, 1983): 
 cthw  (4-1) 
where w is the crack opening width, h is the width of the crack band and ct is the 
crack strain caused by the opening of  a crack. The crack band width h represents the 
effective width of the fracture process zone over which micro-cracks are assumed to 
be uniformly distributed. In FE analysis, the cracking strain is assumed to be 
uniformly distributed over h which is referred as the characteristic length of an 
element and it is related to the element size, type and integration scheme. Results of 
numerical simulations should not depend on subjective aspects such as the choice of 
mesh or element size. Therefore, the crack band theory is used in the present FE 
model to minimise the mesh sensitivity. 
4.3.2 Compressive and tensile behaviour of concrete 
The concrete is modelled using the concrete damage plasticity model available in 
ABAQUS (2007). The plasticity model adopts the yield function proposed by 
Lubliner et al. (1989) and modified by Lee and Fenves (1998), and follows a non-
associated flow rule. The concrete under uniaxial compression is described by the 
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where c and c are respectively the compressive stress and strain, p and p are the 
experimentally determined maximum stress and its corresponding strain which are 
taken to be the cylinder strength fc’ (MPa) and 0.002 respectively in this study. The 
elastic modulus of the concrete E0 is estimated from '47300 cfE  (MPa) following 
ACI318 (2002). 
Under uni-axial tension, the problem involves tensile cracking. The fracture energy 
GF, the energy required to create a unit area of stress free crack surface, instead of 
the descending branch of the stress-strain curve, is treated as a material property of 
the concrete. The stress-crack opening displacement relationship proposed by 

































w 14.5  (4-4) 
Chapter 4  
 134
where wt is the crack opening displacement, wcr is the crack opening displacement at 
the complete loss of tensile stress, t is the tensile stress normal to the crack direction, 
ft is the concrete uniaxial tensile strength, and c1=3.0 and c2 =6.93 are constants 
determined from tensile tests of concrete. ft and GF may be estimated from the CEB-
















ddG , N/mm (4-6) 
where da is the maximum aggregate size. In the present study, da is assumed to be 
20mm if no test data is available. Once the stress-crack opening displacement 
relationship is known, the stress-strain relationship can be determined for each 
element based on its size through Eq. 4-1.  
4.3.3 Damage model of concrete 
Both the strength and stiffness of concrete reduces with the development of micro-
cracks. This can be characterised by several phenomena of concrete such as strain 
softening, progressive deterioration, volumetric expansion etc. Apart from the 
plasticity model, the nonlinear behaviour of concrete can also be attributed to process 
of damage in concrete, such as, micro-cracking, coalescence, decohesion, etc. 
(Cicekli et al., 2007; Grassl and Jirásek, 2006; Lubliner et al., 1989). Damage 
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associated with the failure mechanism of the concrete (cracking and crushing) 
therefore results in a reduction in the elastic stiffness. An isotropic scaled damage 
model from the continuum damage mechanics is introduced in ABAQUS (2007) to 
describe the stiffness degradation, which can be represented by the Eq. 4-7:  
 )(1 0 pDd  (4-7) 
where  ,  and p  represent the stress tensor, total strain tensor and the plastic strain 
tensor respectively; D0 is the initial (undamaged) elasticity matrix and d is the 
damage variable, which characterizes the degradation of the elastic stiffness, and can 
take values in the range from zero (undamaged material) to one (fully damaged 
material).  
When concrete is subjected to uniaxial loading and assumed there is no damage 
included (d=0), the Eq. 4-7 can be simplified to Eq. 4-8 as shown in Figure 4.2b.  
 )(0
PE  (4-8) 
where p  is the plastic strain without stiffness degradation.  
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Figure 4.2 Concrete damaged plasticity model (a) and plastic strain degradation (b) 
in uniaxial load 
When damage effects are included in the model of concrete ( 0d ), the model of 
stiffness degradation can be classified into two types according to the presence of 
irreversible deformation/plastic strain: elastic degradation model and plastic 
degradation model (Lubliner et al., 1989).  The elastic degradation model is 
associated with total deformation/strain, implying that no irreversible 
deformation/plastic strain exists ( 0p ), which means that the unloading path of 
the stress-strain curve always passes through the origin of the coordinate system in 
Figure 4.2. Eq. 4-7 in this case can be rewritten as: 
 01 Ed  (4-9) 
where  is the total strain. Lubiner et al. (1989) stressed that the concept of elastic 
degradation is associated with the total deformation but without the necessity of a 
damage criterion. A plastic degradation, in which the stiffness degradation is 
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associated with the plastic deformation instead of the total deformation, was 
introduced to overcome the weaknesses of elastic degradation model (Lubliner et al., 
1989). It means that irreversible deformation/plastic strain exists after damage 
occurred ( 0p ). Eq. 4-7 in this case can be rewritten as: 
 pEd 01  (4-10) 
in which p is the equivalent plastic strain (plastic strain with stiffness degradation) 
in the loading direction.  
4.3.3.1 Lubliner’s damage model 
Lubliner et al. (1989) proposed a simple damage model that plastic degradation 















d  (4-12) 
where d varies from 0 (no stiffness degradation) to 1 (total stiffness degradation); c is 
the cohesion in the yield criteria which is proportional to stress and cmax is 
proportional to the strength of the concrete (Lubliner et al., 1989). Under uniaxial 
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in which f is either the tensile or compressive strength of concrete as appropriate, Ed 
is the elastic modulus with stiffness degradation. Lubliner et al. (1989) damage 
model was implemented to model the bond behaviour in the shear bond test but it did 
not lead to reasonable predictions in comparison with test data.  
4.3.3.2 New damage model 
A new model is thus introduced in this study as follows. Once concrete enters into 
the softening range, the stiffness is degraded resulting in a plastic strain degradation 
(so pp ) as shown in Figure 4.2. It needs to be stressed that within the entire 
range, the plastic strain still increases or at least remains constant ( 0p ) under an 
increased deformation despite pp . Instead of assuming that the stiffness is 
proportional to the cohesion of the material, it is assumed here that the ratio of the 
plastic strain with stiffness degradation ( p  ) to that without stiffness degradation 
( p ), k, is proportional to the cohesion of the material. In case of uniaxial loading, 









4.3.4 Implementation of the new damage model into ABAQUS  
In ABAQUS (2007), the relationship between the plastic strain without stiffness 
degradation p and damage factor d needs to be defined as a constitutive law of 
concrete. Therefore, the relationship between the ratio of the plastic strain with 
stiffness degradation to that without stiffness degradation, k, and the damage variable 
d needs to be established in order to implement the new damage model. Based on the 
geometry in Figure 4.2b, the equivalent plastic strain p can be related to the damage 
variable d as:  
 
01 Ed
dpp  (4-15). 










Figure 4.3 shows a typical stress-strain curve for concrete under uniaxial tension, 
where the subscript t represents tension.  In such a case, the stress-crack strain curve 
for a given element can be obtained from the stress-crack opening displacement 
curve (Eq. 4-3) depending on the element type and size through Eq. 4-1. The 
relationship between the crack strain and tension damage factor dt can then be 
calculated from Eqs. 4-15 and 4-16. 
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The compression damage factor dc versus compressive plastic strain can be 
calculated from Eqs. 4-2, 4-15 and 4-16. Note that the compressive plastic strain is 
calculated from 0Ecc
P
c . Damage is assumed to occur only after the 
concrete enters softening in both tension and compression. The two damage factors 
(dt and dc)    versus plastic strain curves (tension and compression) are used as user 
input data in ABAQUS. All the modelling parameters were summarized in the 
Appendix 3. 
 
Figure 4.3 Stress-strain relationship of concrete under uniaxial tension 
4. 4 FE modelling of pull-off test 
4.4.1 Geometry of the model 
A 45 mm thick concrete prism as shown in Figure 4.4 has been modelled as a plane 
stress problem in the FE analysis. This thickness is smaller than most specimens in 
experiments but the rest of the concrete should have little effect on FE results as the 
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test commonly fails by debonding in concrete a few millimeters away from the FRP-
to-concrete interface and only this failure mode is concerned in this study. The 
specimen is restrained vertically along the base and horizontally along part of the 
right edge hs (Figure 4.4). For specimens with a free height hc smaller than 30mm, 
the actual hc value is used. For specimens with hc greater than 30mm, hc is set to 
30mm. The thickness of the FRP plate tp is set equal to 1mm but the modulus of 
elasticity of the plate Ep is modified so that the FRP plate has the actual axial 
stiffness Eptp. The implicit steady-state dynamic analysis method available in 
ABAQUS was adopted.  
 
Figure 4.4 FE model of pull-off test 
4.4.2 Constitutive model of materials 
As aforementioned, the concrete damaged plasticity model is used to describe the 
concrete behaviour. The plastic behaviour of concrete is modelled following the 
compressive and tensile behaviour described in Section 4.3.2. The damage is 
modelled using the proposed damage model in Section 4.3.3. The FRP is modelled as 
a linear elastic material.  
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The concrete is modelled using square plain stress elements with four integration 
points (CPS4). Rots’ (1988) recommendation is adopted that the characteristic length 
for a square element with 4 integration points is e2  where e is the element length. 
The FRP is modelled using the same element with matching mesh. 
4.4.3 Interpretation of numerical results 
Because the test is modelled as a plane stress problem while the actual behaviour is 
three dimensional (Chen and Pan, 2005), the predicted load, displacement, stress and 
strain in the FRP plate are all adjusted following the width ratio factor w proposed 










where bf  and bc are the widths of the FRP plate and the concrete prism respectively.  
4.4.4 Mesh convergence analysis 
Specimen II-5 reported in Yao et al. (2005) was used as a reference case for 
conducting the mesh convergence study. Figure 4.5 shows the effect of element size 
on the predicted loading capacity. The difference in the loading capacity between the 
0.5mm mesh and the 1mm mesh is 2.8%. On the balance of accuracy and 
computational economy, the 1mm mesh was used for all the modelling reported in 















































Figure 4.5 Predicted loading capacity for specimen II-5 in Yao et al. (2005) 
4. 5 Influence of different concrete damage models 
Several concrete damage models have been used for the concrete damaged plasticity 
model in previous numerical studies, such as Chen et al. (2011); Coronado and 
Lopez (2007); Grassl and Jirásek (2006) and Yu et al. (2010). The effects of these 
damage models on the predictions are investigated in this section. 
Chen et al. (2011) adopted the classical elastic damage model, assuming that the 
equivalent plastic strain 0p  for throughout the post-cracking, which means that 
the unloading path of the stress-strain curve always passes through the origin of the 
coordinate system in Figures 4.2 and 4.3. Yu et al. (2010) assumed that the elastic 
strain is constant after the peak stress, which is also used by Grassl and Jirásek 
(2006). A model considering the shear retention is implemented as Chen et al. (2012) 
used for FRP strengthened concrete beams and the shear retention model developed 
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1  (4-18) 
where cr is the concrete crack strain corresponding to wt in Eq. 4-3, cr,u is the 
concrete cracking strain at the complete loss of stress corresponding to wcr, and n is a 
coefficient controlling the rate of shear degradation and value of 5 was chosen in the 
this study.  
In addition, a model without considering damage, i.e. both dt=dc=0, is adopted as a 
reference case. Figure 4.6 and 4.7 show how the damage factor varies with the crack 



































Damage model in Chen et al. (2011)
Damage model in Yu et al. (2010)
Shear retention model (n=5) from Rots (1988)
 




Figure 4.7 Different damage models in compression for specimen II-5 in Yao et al. 
(2005) 
The FE results from the different damage models are shown in Figure 4.8. It is clear 
that the prediction from the present model is in most close agreement with the test 
results compared with the other models. It may be noted that the early stage (<2kN) 
of the curve can be modelled well regardless of the damage model. This is because 
this is an almost all elastic stage so little damage occurs anyway. The simulation 
using Chen et al.’s (2011) model was terminated at an early stage due to convergence 
difficulties. The damage model proposed by Yu et al. (2010) over-estimates the bond 
strength if only the tensile damage is considered, but under-estimates if the damage 
model is used to describe both the compressive and tensile behaviour. The shear 
retention model based on Rots (1988) over-estimates the loading capacity as well. 
The model without considering any damage in both tension and compression 
behaviour is also under-estimates the loading capacity.  
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Figure 4.8 FE predictions from the different damage models 
4. 6 Comparison of FE predictions with test results 
The proposed FE model has been used to simulate all the 56 single shear tests 
reported in Yao et al. (2005) in which all the geometrical and material properties 
necessary for the FE modelling are available. It may be noted that Yao et al. (2005) 
reported a total of 72 tests but 16 of them failed in other modes rather than 
debonding in concrete so they were excluded in this study. The concrete cylinder 
strength for the specimens in Yao et al. (2005) varied from 19 to 27MPa. To increase 
the range of concrete strength, specimen No. 1 from Ali-Ahmad et al. (2006) and 
three specimens (S-CFS-400-25) from Wu et al. (2001) were further simulated. The 
concrete cylinder strength was respectively 38MPa for the former and 57.6MPa for 
the latter. Figure 4.9 shows that the FE predictions are overall in very close 






























Figure 4.9 Comparison of FE predictions with test results 
Figure 4.10 and 4.11 show the predicted and measured load-slip curve at the loaded 
end for two specimens: specimen II-5 in Yao et al. (2005) which had a concrete 
strength of 23MPa and specimen No. 1 in Ali-Ahmad et al. (2006) which had a 
concrete strength of 38MPa. Clearly the predictions are in close agreement with the 
test data for both specimens in the whole loading range. The loading capacities from 
both the FE prediction and test are also in close agreement with those predicted from 
Chen and Teng’s (2001) bond strength model which are 6.02kN for specimen II-5 in 
Yao et al. (2005) and 10.44kN for specimen No. 1 in Ali-Ahmad et al. (2006).   
For the reference specimen II-5 in Yao et al. (2005), a number of points on the FE 
predicted load-slip curve (marked Point A-I in Figure 4.10) are chosen to investigate 
the debonding process. Figure 4.12 shows the damage contours in the concrete. It 
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may be noted that the damage is directly related to the cracking strain so the damage 
contour represent closely the cracking pattern in the concrete. 
Concrete at the loaded end exhibits softening in a small zone directly under the FRP 
when the load is 30% of the ultimate load (Figure 4.12b). The length of this small 
softening zone has been about doubled and its depth significantly increased when the 
load increases to about 60% (Figure 4.12d). Micro-cracks start to form with an angel 
of about 45° to the horizontal. A macro crack only appears when the load is about 
90% of the ultimate load (Figure 4.12f) and debonding starts to propagate rapidly 
thereafter towards the free end of the FRP (Figure 4.12g – 4.12i) leading to the total 









Figure 4.10 Comparison of FE prediction with test for specimen II-5 in Yao et al. 
(2005) 
 
Figure 4.11 Comparison of FE prediction with test for specimen No. 1 in Ali-Ahmad 
et al. (2006) 
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Figure 4.12 Predicted crack pattern at different stages: specimen II-5 in Yao et al. 
(2005) 
(a) Point A (b) Point B 
(c) Point C 
(d) Point D 
(e) Point E 
(f) Point F 
(g) Point G 
(h) Point H 
(i) Point I 
(j) Point J 
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It is of interest to note that although the slope (stiffness) reduces rapidly when the 
load exceeds about 90% of the ultimate load, the load does still increase slowly, that 
is, there is a lack of the horizontal plateau in contrast with the analytical predictions 
such as Yuan et al. (2004). This implies that a longer bond length does increase the 
loading capacity even if it is longer than the effective bond length. This phenomenon 
may be explained by the different material constitutive models employed in the 
different analyses. Typically a bi-linear bond-slip model was assumed in analytical 
analyses such as Yuan et al. (2004). The model assumes that the interface does not 
resist any stress once the slip exceeds the critical value, leading to a horizontal 
plateau when the bond length is large. In the present FE analysis, although the tensile 
stress also reduces to zero when the strain reaches a critical value (Figure 4.3), 
ABAQUS (and many other FE packages) does not allow the tensile stress do fall 
below 1% of ft for numerical stability. Therefore, the difference between the 
analytical solution and the FE prediction is due to the difference in the assumptions 
adopted. It is thus difficult to say which one is more close to reality but from test data 
for both specimens in Figure 4.10 and Figure 4.11 show that the load increase slowly 
when deformation even at large slip. 
4. 7 Bond stress distribution and local bond slip relationship 
The local interfacial bond stress can be calculated based on the axial stress in the 
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where f is the axial stress in the FRP plate and tf is the thickness of the FRP plate. 
The local bond stress distribution obtained using Eq. 4-19 for specimen II-5 in Yao et 
al. (2005) corresponding to different points on the load-slip curve (Figure 4.10) is 
shown in Figure 4.13. Large fluctuations in those curves can be contributed to the 




Figure 4.13 FE Bond stress distribution at different points for specimen II-5 in Yao et 
al. (2005): (a) Points A-E on load-slip curve; (b) Points F-J on load-slip curve 
(a) Point A-E 
(b) Point F-G 
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Figure 4.13a shows the bond stress distribution at the early stage of loading (Point A 
– Point E). A range named as effective bond zone is defined as the interface with 
significant bond stress. As load increasing, the bond stress increases and the effective 
bond zone expands. It is noticed that the bond stress at the loaded end decrease when 
the local bond stress approaching the bond strength (point D and E on Figure 4.13a), 
indicating that macro cracks had formed. The effective bond zone continuously 
expands towards the free end because of the propagation of the macro cracks and the 
bond stress at the loaded end is negligible (Figure 4.13b). The effective bond length, 
which is defined as the bond length beyond which the ultimate load does not increase, 
calculated by the model proposed by Chen and Teng (2001) is 94mm for this 
specimen. The length of the effective bond zone at points G, H, I and J from the bond 
stress distribution approximately match with it.     
The local bond-slip curve at a specified position along the bond interface can be 
extracted by plotting the smoothed bond stress at the position conjunction with the 
slip of that point. In order to obtain the reliable bond-slip curve, the smooth 
processing is needed to filter out the unstable local bond stress caused by the 
aforementioned interfacial cracks in the concrete, without eliminating the 
characteristic of the bond stress distribution. Two example of smoothed bond stress 
distribution curves (Point C and Point G) are shown in Figure 4.14.  As the same 
processing, bond stress distribution curve at each loading stage was smoothed, and 
eventually the local bond-slip curve for a given position can be extracted as shown in 
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Figure 4.14 FE bond stress distribution at different point including smoothed bond 
stress: (a) Point C; (b) Point G 



























Bond-slip model by Lu et al. (2005a)
FE (20mm from loaded end)
FE (40mm from loaded end)
 























Test result from Ali-Ahmad et al. (2006)
Bond-slip model by Lu et al. (2005a)
FE (20mm from loaded end)
 
Figure 4.16 Local bond-slip curves for specimen No. 1 in Ali-Ahmad et al. (2006) 
It is clearly that the local bond-slip curves extracted from proposed FE model are 
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close agreement with the test for specimen No. 1 in Ali-Ahmad et al. (2006) (Figure 
4.16), close agreement for both specimens II-5 in Yao et al. (2005) and No. 1 in Ali-
Ahmad et al. (2006) compared with the bond-slip model proposed by Lu et al. 
(2005a) (Figure 4.15 and Figure 4.16). The local bond slip curves from different 
positions, 20 mm and 40 mm from the loaded end for specimen II-5 in Yao et al. 
(2005), are identical which implies the proposed model can successfully capture the 
local bond behaviour as shown in Figure 4.15. The fracture energy of the interface, 
extracting from the area under local bond-slip curve, from the proposed FE model is 
larger than that from Lu et al. (2005a) model for both specimens because the 
predicted failure load from FE is larger than that from the bond strength which Lu et 
al. (2005a) used, such as Chen and Teng (2001).  
4. 8 Parametric study  
There are several parameters in terms of geometry variations in the pull-off test have 
influences on the results, such as the bond length Lfrp, height of free concrete edge hc 
and width of FRP. The former two variables will be studied in the following section 
except the FRP width effects because of the plane stress assumption used in the 
present model. 
4.8.1 Influence of the FRP bond length 
As aforementioned, the effective bond length is defined as the bond length beyond 
which the ultimate load does not increase (Chen and Teng, 2001). The specimens 
group VII in Yao et al. (2005) were modelled to verify this concept and exam the 
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proposed FE model. The effective bond length for this group of test was 92mm based 
on Chen and Teng (2001). The bond length of specimens varied from 95mm to 
240mm. Figure 4.17 shows the FE predictions for each specimen and Table 4-2 
summarized the ultimate load from test, FE and Chen and Teng’s (2001) prediction. 
It is clear that the ultimate load almost similar from the FE (Figure 4.17), indicating 
that the proposed model can successfully support the effective bond length theory. It 
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Table 4-2 Comparison of FE prediction with test and Chen and Teng’s (2001) 







Chen and Teng’s 
(kN) 
VII-1 95 6.80 
VII-2 95 6.62 
[6.71] 6.71 
VII-3 145 7.33 
VII-4 145 6.49 
[6.91] 7.07 
VII-5 190 7.07 
VII-6 190 7.44 
[7.26] 7.16 
VII-7 240 7.16 
VII-8 240 6.24 
[6.70] 7.20 
6.14 
The incremental area under the load-slip curves corresponding to each bond length is 
almost constant when FRP bond length increases with same amount as shown in 
Figure 4.17, which may imply that the fracture energy to conduct debonding at the 
portion of FRP plate exceed the effective bond length is proportional to its length. It 
may be contributed to the constant local bond-slip relationship, and the fracture 
energy required is only related to the length of FRP plate. 
4.8.2 Influence of the boundary conditions 
The effects from different height of free concrete edge hc on the bond strength were 
also investigated. The shorter height of the free concrete edge leads to local stiffness 
increasing at the loaded end, which will consequently result in an increased local 
stress transfer from FRP to the concrete, leading to early debonding and hence a 
reduced bond strength (Yao et al., 2005). The specimens IV-1, IV-5 and IV-7 with hc 
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varying from 5mm to 30mm in Yao et al. (2005) were modelled to verify those 
findings. Figure 4.18 shows the load slip curves from the loaded end corresponding 
to each specimen. Table 4-3 summarized the results from test, FE prediction and 
Chen and Teng’s (2001) model. It can be found that the ultimate load increases with 
the greater hc values and the initial global stiffness decreases with greater hc values. 
Both effects confirm the previous numerical (Chen et al., 2001) and experimental 
observations (Yao et al., 2005).  
 
Figure 4.18 FE predictions for specimens IV-1, 5 and 7 in Yao et al. (2005) 
Table 4-3 Comparison of FE prediction with test and Chen and Teng’s (2001) model 
for specimens group IV in Yao et al. (2005) 
Specimens 






Chen and Teng’s 
(kN) 
IV-1 5 5.86 5.30 
IV-5 15 5.00 5.45 






4. 9 Conclusions 
A concrete damage model based on the plastic degradation theory has been proposed 
and implemented into the concrete damaged plasticity model to simulate the FRP-to-
concrete bond behaviour in this chapter. The plastic degradation is used to describe 
the damage of the concrete after it enters softening in both tension and compression. 
The damage effects are modelled in terms of plastic strain rather than the stiffness 
degradation. The proposed model has been implemented in ABAQUS to model the 
FRP-to-concrete bond behaviour in the pull-off test. It has shown that the model can 
accurately predict the bond behaviour in the entire loading process and the numerical 
results are in very close agreement with test data from the literature. In addition, the 
geometrical parameters were studied and the findings are in good agreement with 
conclusions drawn in previous studies. The existing damage models were 
investigated their predictions compared with results from the proposed damage 
model, indicating that the proposed model delivers predictions in most close 
agreement with test data.  
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CHAPTER 5 
FINITE ELEMENT MODELLING OF CONCRETE 
MASONRY ARCH BRIDGES WITH SAND BACKFILL 
5. 1 Introduction 
Masonry arch bridges have been a significant part of the transport networks in every 
historical age until nowadays. Understanding the behaviour of masonry arches is 
important for maintaining the transport networks. A comprehensive review on the 
masonry arch structures repaired by bonding FRP has been presented in Chapter 2. In 
the experimental study presented in Chapter 3, a 1/3 scale single-ring two span 
masonry arch bridge was tested in both original state and then strengthened with 
fibre reinforced polymer (FRP) to investigate the structural performance, as 
described in Chapter 3. The failure mode of the masonry arches is a hinge-
mechanism, and the failure of the strengthened masonry arches was caused by 
debonding in the bond-joint between masonry and FRP followed by hinge 
mechanism.  
Finite element method is a powerful tool to analyse structures and understand the 
local behaviour of structures. In order to compare the results from the test, and hence 
to analyse and understand the unstrengthened masonry structures in details. A 
numerical study on the original masonry arch bridge is presented in this chapter. An 
advanced model will be developed and used for the FRP strengthened masonry 
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arches in the next Chapter.  
As mentioned in Chapter 2, there are three different modelling strategies for masonry 
structures: micro, micro-macro and macro models (Lourenço, 1996; Zucchini and 
Lourenço, 2004). The micro-model approach distinguishes the units and mortar, and 
also assigns a proper constitutive law to the interface between those two materials. 
The micro-macro model does not explicitly model the mortar, but simulates the unit-
mortar interface and expanded unit dimensions. The macro-model approach models 
masonry as a homogeneous material with artificially low tensile strength. Both the 
micro model and micro-macro model can deliver a better understanding about the 
local behaviour of masonry structures, especially when the failure occurs at the unit 
(block or voussior)-mortar interface rather than in the unit itself. On the contrary, the 
macro model approach is applicable for the masonry structures with sufficiently large 
dimensions that the stresses across or along a macro length adopted in numerical 
model are essentially uniform. The details of each modelling approach were 
described in Chapter 2.  
As mentioned in Chapter 2, the presence of the back-fill affects significantly the arch 
behaviour. The fill material increases the stability of arch, either directly by inducing 
additional compression in the arch, or indirectly by allowing a distribution of the 
concentrated forces over greater lengths and widths, and provides longitudinal 
restraint to the arch by its interaction with the surrounding soil medium (Betti et al., 
2008; Fanning and Boothby, 2001). Because most fill materials are geo-materials, 
such as sand, clay, gravels, stones or mixture of them, different cohesive–frictional 
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plastic models have been adopted to model the constitutive behaviour of backfill in 
the previous research. For example, Mohr–Coulomb failure criterion with tension-
cut-off (Cavicchi and Gambarotta, 2005; Cavicchi and Gambarotta, 2006; Cavicchi 
and Gambarotta, 2007), Mohr–Coulomb failure criterion (Drosopoulos et al., 2006),  
or Drucker-Prager failure criterion (Boothby and Roberts, 2001; Fanning and 
Boothby, 2001; Pelà et al., 2009).   In 2-D models, the backfill was usually 
considered as a continuum under plane strain conditions (Cavicchi and Gambarotta, 
2006; Drosopoulos et al., 2006).  
Several constitutive models have been applied to describe the contact behaviour of 
the interface between backfill and masonry, such as, interface element with no-
tension Coulomb yield criterion (Cavicchi and Gambarotta, 2007), interface element 
with traction-friction constitutive model in both normal and tangential directions 
(Cavicchi and Gambarotta, 2005; Cavicchi and Gambarotta, 2006), or unilateral 
contact-friction interface model (Drosopoulos et al., 2006). To summarise, the 
interface between extrados and backfill can be modelled by using an interface 
element with a traction-friction constitutive model or directly defining the contact 
properties.   
This chapter presents a numerical study on the masonry arch bridge in order to 
achieve a deeper understanding of this type of structure and to develop an advanced 
model which can be used for modelling of FRP strengthened masonry arch bridges as 
described in the next chapter. A total of four FE models for masonry arches are 
developed by adopting different modelling strategies. The behaviour of masonry arch, 
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including the load capacity, mechanisms, and the contact behaviour between backfill 
and arches are investigated. The effects of several key parameters involved in the 
models are analysed as well. 
5. 2 FE model 
The two-span masonry arch bridge test as described in Chapter 3 is modelled as a 2-
D plane strain problem (Figure 5.1) using the commercial FE software package 
ABAQUS (2007). The whole two-span bridge was modelled because the external 
load was only applied to a single span in each test so the problem was unsymmetric. 
Because the loading conditions were the same on each span, modelling one loading 
case was sufficient.  
 
Figure 5.1  Schematic arch model (mm) 
The loading on the masonry arches was a combination of its self-weight and the 
applied load. The load was directly applied to the backfill in the width of 570mm as 
the width of loading plate. The displacement control method and implicit steady-state 
dynamic analysis method were adopted to avoid the numerical convergence problem.  
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5.2.1 FE model description  
In the FE model, the timber spandral walls and concrete abutments were modelled as 
well as arches and sand backfill. The interaction between the sand and the arches, 
and between the sand and the timber retaining walls, were all included in the models. 
A model included the loading plate was also conducted to investigate if its presence 
has any significant effect. The interaction between the sand and the loading plate was 
also included in the model with loading plate.  
In terms of the boundary conditions, the abutments were assumed to be restrained in 
all directions because they were connected to the strong floor using six steel bolts 
( =38mm), as shown in Figure 5.1. The timber spandral walls at both ends of the 
bridge were securely connected to the side walls. Substantial supports of the end 
walls were provided by an arrangement of steel beams which were bolted to the floor 
(Prentice, 1996). These steel beams were placed at the top and the bottom of the 
walls. Despite of this, the boundary at the both ends was not a fully restrained, and 
might deform laterally. This deformation of end walls was observed during the test 
and led to a gap between the abutment and the timber walls, consequently some sand 
leaked out from this gap. The timber end walls were thus considered to be partially 
restrained laterally using springs, modelled using the spring element (SPRING 1) in 
ABAQUS (2007). A 330 mm height from the bottom (as the width of steel beam) 
and the top node were restrained. The timber wall was treated as an elastic plate with 
three simple support edges and one edge free. A unit load (F) was applied onto the 
centre line of the elastic plate and the deflections ( ) can be calculated using the 
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theory of elastic plate. The stiffness of the springs thus can be predicted by k=F/ . 
5. 3 Modelling of masonry arches 
A total of four models were used to simulate the masonry arches. The model using 
the macro modelling strategy is referred as the homogeneous model in this chapter 
because this approach treats masonry as a homogeneous isotropic continuum without 
distinguishing the masonry units and mortar. A traction-opening and a damaged 
plasticity constitutive model were used to simulate the mortar interface and referred 
as the meso-interface model in this chapter because they use zero thickness interface 
elements. A detailed solid model, which models the actual units and mortar with 
smeared interfaces using solid elements, was finally developed to overcome the 
drawbacks of both homogeneous and meso-interface models. The details of each 
model are summarized in Table 5-1 and shown in Figure 5.2. The main difference 
between these models is how to actually capture the behaviour of the unit-mortar 
interface which dominates the failure mechanism of masonry arches. This section 
describes the details of each masonry model, including the modelling strategy and 
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Table 5-1 Models developed in the present study 
















































Figure 5.2 Modelling strategies for masonry: (a) local details of masonry work; (b) 
homogeneous model; (c) meso-interface model; (d) detailed solid model 
5.3.1 Homogeneous model  
This section describes the FE model of masonry arches using the homogeneous 
model. The key characteristics of homogeneous model are that no unit-mortar 
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interface is modelled and a weaker tensile strength is assumed to be smeared into the 
whole masonry arch. It means that the masonry is treated as a homogeneous material. 
5.3.1.1 FE model description 
Apart from the contact interactions and boundary conditions introduced in the 
previous section, the arches were modelled under a plane strain condition using 
ABAQUS (2007). All components including the arches, timber walls, sand and 
abutments, were modelled using the four node plane strain element with four 





other components of the structure (sand, abutments and timber walls) have matched 
mesh with the arch. The FE mesh is shown in Figure 5.3.  
 
Figure 5.3 FE model of the homogenous model 
5.3.1.2 Constitutive models  
In the homogeneous model, the tensile strength of the masonry is very small because 
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it represents the tensile strength of the unit-mortar interface, which is quite weak due 
to the negligible adhesion between the masonry unit and mortar. The masonry was 
modelled using a concrete damaged plasticity model available in ABAQUS (2007). 
It is because the behaviour of the mortar-joints under tension showed a similarly 
behaviour to that of concrete (Lourenço et al., 1995; Pluijm, 1997). Parameters 
obtained from the test or determined according to previous studies are shown in 
Table 5-2.  
Table 5-2 Material properties for the homogeneous model  
















tested on the same 
arches 
The uniaxial compressive behaviour of masonry was modelled using the relationship 

















where c and c are respectively the compressive stress and strain, p and p are the 
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experimentally determined maximum stress and its corresponding strain which are 
taken to be the compressive strength of masonry fcm  (MPa) and 0.002 respectively.   
Tensile failure at the mortar-interface is brittle in nature. Therefore, it is difficult to 
conduct the full nonlinear behaviour of masonry under tension (Pluijm, 1997). In 
Pluijm (1997) it was shown that the descending branch of masonry under tension (for 
both units and mortar-interface) can be described with a formula developed by 
































w 14.5  (5-3) 
where wt is the crack opening displacement, wcr is the crack opening displacement at 
the complete loss of tensile stress, t is the tensile stress normal to the crack direction, 
ft is the uniaxial tensile strength, and c1 =3.0 and c2 =6.93 are constants determined 
from tensile tests.  
There is still no widely accepted method for calculating the mode-I fracture energy 
of the mortar interface. In this study, mode-I fracture energy (GF) was assumed to be 
estimated from the CEB-FIB (1991) model related to the compressive strength and 
maximum aggregate size da (assuming 20mm in this study): 








ddG  (5-4) 
Based on the crack band theory introduced by Bažant and Oh (1983) as the Eq. 5-5, 
the stress-strain curve can be converted from the stress-crack opening displacement 
relationship and characteristic length of element.  
 crt hw  (5-5) 
where h  is the characteristic length of element and and cr is the crack strain caused 
by the opening of cracks. The characteristic length of the chosen element (CPE4) is 
e2  as Rots (1988) suggested, where e is the element length.  
A damage model based on the plastic degradation theory was developed in Chapter 4 
is applied here to describe the damage effects of masonry. The details about this 
damage model can be found in Chapter 4. A brief statement is introduced as follows. 
The damage effects are generally characterized by the degradation of stiffness.  
ABAQUS (2007) uses an isotropic scaled damage model to describe the stiffness 
degradation, which can be represented by the under uniaxial loading:   
 eDd 0)1(  (5-6) 
where  and e represent the stress and equivalent elastic strain in the loading 
Chapter 5 
 173
direction respectively; D0 is the initial (undamaged) elasticity matrix and d is the 
damage variable. The current degraded stiffness D is defined as: 
 0)1( DdD  (5-7) 
The damage model assumed that the ratio of the plastic strain with stiffness 
degradation to that without stiffness degradation, k, is proportional to the cohesion of 







where p  and p  are the equivalent plastic strain (plastic strain with stiffness 
degradation) and total plastic strain (plastic stain without stiffness degradation) in the 
loading direction, respectively. The relationship between damage variable d and k 
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where c is the cohesion in the yield criteria which is proportional to stress , and cmax 
is proportional to the strength f  (Lubliner et al., 1989). From, the Eq. 5-11, the 
damage variable d can be calculated. Both tensile and compressive states were 
considered including damage effects.  
5.3.2 Traction opening interface model 
The critical feature of the meso-interface models is that zero thickness interface 
elements used to simulate the mortar interface as shown in Figure 5.2. The size of the 
bricks needs to be expanded to include the mortar because the mortar is not explicitly 
modelled. Due to the mechanism failure caused by the tensile failure at mortar 
interface, the constitutive model of the mortar interface dominates the performance 
of the models. Two types of constitutive models may be classified from the literature 
as reviewed in Chapter 2. One is the traction-opening interface model by defining 
two failure modes together (Mode-I and Mode-II). The other is the composite 
interface model by combining plastic theories, usually including a tension cut-off 
criterion, a contact-fraction criterion and a compression cap criterion corresponding 
to different failure modes. Both types of interface model are developed and 
compared. Firstly, a traction-opening interface model is developed.   
5.3.2.1 FE model description 
The masonry arch was modelled by a combination of continuum elements (CPE4) 
for bricks and zero-thickness cohesive elements (COH2D4) for unit-mortar interfaces. 





) because the thickness of interface element is zero. The FE model and 
the mesh strategy are shown in Figure 5.4. The behaviour of unit-mortar interface 
controls the mechanism failure mode, thus the tensile behaviour (Mode-I) of 
interface is critical. The material properties of units were expected to have no effects 
on the performance of masonry arch model because failure occurs at the interfaces.  
 
Figure 5.4 FE model of the meso-interface model 
5.3.2.2 Constitutive models 
The constitutive model of the brick is the same as that used in the homogeneous 
model, the concrete damaged plasticity model. The compressive behaviour of bricks 
is modelled using Eq. 5-1. The compressive strength of brick (58.2MPa) obtained 
from the test was adopted. The tensile behaviour of bricks was modelled using Eqs 5-
2 to 5-5. The tensile strength of brick could be estimated based on the CEB-FIB 










f  (5-12) 
The constitutive model of the mortar interface is based on a mixed traction-opening 
law. The normal (Mode-I) and shear (Mode-II) behaviours, and the interaction 
between two modes are modelled using a damage law. The normal and shear 
stiffnesses of the interface are determined by homogenizing the composite material 














k  (5-14) 
where Eu and Em are the Young’s modulus, Gu and Gm are the shear modulus, 
respectively, for unit and mortar and hm is the actual thickness of the mortar. The 
average thickness of mortar was 18 mm measured from the test. The Young’s 
modulus can be calculated from cfE 4730  (MPa) following ACI (2002), where 
fc is the compressive strength of concrete, if there is no test data available. The 
compressive strength of mortar was 12MPa which is obtained from BS 998-2 (2010) 
according to the mixture ratio of components used in the test.  
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The softening behaviour of each mode was described by the strength, the fracture 
energy and the evolution law for softening behaviour as shown in Figure 5.5. For 
mode I, the tension strength of the interface 0  was 0.1MPa, which was obtained 
from the test. The critical fracture energy 0cnG  in mode I was predicted as the method 
proposed for the homogeneous model. A linear softening behaviour was adopted for 
simplicity.  
 
Figure 5.5 Normal (a) and shear (b) traction-opening displacement relationships for 
the traction-opening interface model 
In terms of the shear (mode-II) behaviour, the initial shear strength 0  with non-
confinement needs to be defined. In this masonry arch model, the shear strength with 
zero-confinement was 0.39MPa which was obtained from the mortar joint shear test 
described as in Chapter 3. The critical fracture energy of the mode II 0ctG  was taken 
as 0.3Nmm/mm
2
 as Sacco and Toti (2010) suggested if there is no test data. A linear 
law was adopted to describe the softening behaviour. The parameters used to define 
the material properties are summarized in Table 5-3. 
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Table 5-3 Material properties for the traction-opening interface model 



































The interaction between the two failure modes is modelled based on an initiation law 
and an evolution law available in ABAQUS (2007). A criterion based on the 





where  and  are the normal and shear stress, respectively. The Macaulay brackets 
are used to signify that a pure compressive deformation or stress state does not 
initiate damage. This implies that the shear failure occurs once the shear stress 
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reaches the initial shear strength even if the interface is under compression.   
A criterion based on the quadratic law of nominal fracture energy is chosen to model 















where Gn and Gt are the work done by the traction and its conjugate relative 
displacement in the normal and shear directions, respectively.  
5.3.3 Damaged plasticity interface model 
In term of the constitutive law of the mortar interface, except the traction-opening 
interface model, there is another modelling approach developed from plastic theories. 
The disadvantage of the traction-opening interface model proposed in Section 5.3.2 
is that there is no increase in the shear stress if the interface is under compression, 
which is usually against the behaviour of the mortar interface. A concrete damaged 
plasticity model available in ABAQUS (2007) thus was used to model the mortar 
interface to overcome this weakness. Although this model is originally developed to 
model concrete, it is also appropriate for modelling the mortar interface because it is 
developed from the original Drucker-Prager model by considering the damage 
effects on the yield conditions and the flow rule.  
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5.3.3.1 FE model description 
The same FE model as that for the traction-opening interface model (Figure 5.4) is 
adopted because only the constitutive law of interface is different between two 
models. The same interface element (COH2D4) is used.  
5.3.3.2 Constitutive models 
The brick was modelled in the same way as the traction-opening interface model. 
The constitutive law of the mortar interface is modelled by defining the compressive 
and tensile behaviour and a damage law. The compressive behaviour was modelled 
using Eq. 5-1. The compressive strength of the interface is chosen as the compressive 
strength of the mortar, 12MPa. A linear softening behaviour was applied to model 
the tensile behaviour of the interface as shown in Figure 5.6. The tensile strength of 
the interface 0tif and the mode-I fracture energy 
0
cnG  are the same as those used for 
the traction-opening interface model. The parameters used to define the material 







Table 5-4 Material properties for the damaged plasticity interface model 



















0.1 MPa Mortar interface 
0
cnG  





Figure 5.6 Tensile stress-opening displacement relationship for the damaged 
plasticity interface model 
A damage model, as shown in Figure 5.6, was used to describe the tensile damage 
behaviour of the interface, indicating that the stiffness of the interface is back to the 
origin once the damage occurs.   
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5.3.4 Detailed solid model  
It usually leads to numerical difficulties when the meso-interface model is used to 
simulate more complex structures, for example, when the zero thickness interface 
between FRP and masonry in the FRP strengthened masonry arch bridges meets the 
brick-unit mortar interface. The coordinates of four nodes of the element are same 
when two zero thickness interfaces intersect. This is not permitted in the numerical 
models. Therefore, a detailed solid model was developed to overcome this shortage. 
In the detailed solid model, the geometries of brick and mortar are actually modelled 
as shown in Figure 5.1. The behaviour of mortar interface is smeared into the mortar 
in order to accurately capture the feature of masonry arches, such as, negligible 
tensile strength at the mortar interface. The advantages of the detailed solid model 
are, firstly, keeping the accurate geometry of masonry components without smearing 
the weaker tensile strength into the entire arch; secondly, solid elements can be used 
to model both bricks and mortar interface instead of zero thickness interface 
elements.   
5.3.4.1 FE model description 
The bricks and mortar were modelled using plane strain element (CPE4) connecting 
with common nodes. The average element size for mortar was about 18mm 20mm. 
The average element size for brick was about 21mm 20mm. The FE model and the 




Figure 5.7 FE model of the detailed solid model 
5.3.4.2 Constitutive models 
The brick was modelled in the same way as the meso-interface model. The 
constitutive law used to model mortar-interface was the concrete damaged plasticity 
model available in ABAQUS (2007). The constitutive law of the mortar interface is 
modelled by defining the compressive and tensile behaviour and the damage laws. 
The compressive behaviour is modelled using Eq. 5-1. The compressive strength of 
the mortar interface was chosen as the compressive strength of the mortar: 12MPa. 
The tensile behaviour of mortar interface was modelled using Eqs 5-2 to 5-5. The 
damage model mentioned in Section 5.3.1.2 (Eqs 5-6 to 5-11) is used to describe the 
tensile damage effects. The parameters used to model the bricks and mortar interface 
are summarized in Table 5-5. 
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Table 5-5 Material properties for the detailed model 



















0.1 MPa Mortar interface 
0
cnG  




5. 4 Modelling of sand backfill and the contact interfaces 
The sand backfill was modelled using the same plane strain element (CPE4). The 
behaviour of the sand backfill was modelled as an ideal Mohr-Coulomb material. 
The Mohr-Coulomb plasticity model was used to model sand backfill. The 
parameters requiring definition are the cohesion stress c and the friction angle  of 
the sand. Although sand is a cohesion-less material, a small cohesion stress is usually 
applied to avoid the numerical problem in the numerical modelling (Ai, 2010). In the 
present study, a cohesion stress of 100Pa was chosen because it is the smallest value 
which can successfully avoid numerical difficulties and achieve a converged solution. 
The friction angle of sand was obtained as 33º from the direct shear test. The 
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Young’s modulus of sand was 10MPa as suggested by Fairfield (1994b), Prentice 
(1996) and Thavalingam et al. (2001) for the same sand. The density is 1520kg/m
3
 as 
obtained from the test.  
There are also two sets of contact pairs in all models, that is, contact between the 
sand and the masonry arches and contact between the sand and the timber retaining 
walls. All of these contact behaviours were modelled using a contact-friction model 
introduced in ABAQUS (2007) which uses a Coulomb friction model to simulate the 
contact shear behaviour. The frictional angle of all contact interfaces was assumed as 
the internal frictional angle of the sand backfill. The maximum elastic slip was 
assumed as 0.005mm. The parameters of the contact interfaces are summarized in 
Table 5-6.  




Maximum elastic Slip 
mm 
Arch-Sand 0.67 0.005 
Sand-Timber wall 0.67 0.005 
5. 5 Modelling of abutments and timber retaining walls 
To simplify the model, the timber retaining walls and concrete abutments were 
modelled as linear elastic materials. The abutments were supported using strong floor 
and are effectively rigid. The parameters for timer walls and abutments are 
summarized in Table 5-7. 
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Table 5-7 Parameters for timber walls and concrete abutments 
Materials Parameters values References 
Timber 
timberE  13 GPa Yamasaki and Sasaki (2010) 
Abutment 
abutmentE  80 GPa Effectively rigid 
All the modelling parameters were summarized in Appendix 3. 
5. 6 Results and Discussions 
The results from different FE models are analyzed in this section. A mesh 
convergence analysis and a model simplification are firstly produced in order to 
finalize the models. The behaviour of masonry arches is then studied about their 
mechanism, loading capacity, and validation with classical mechanism analysis. The 
contact behaviour between backfill and arches is investigated as well.  
As described in Chapter 3, the symmetric loading cases (Load-North & Load-South) 
were applied individually and the radial deflections at several locations (N1-N5 in 
the northern arch) recorded using LVDTs Figure 5.8. Each arch was loaded until a 
four hinge was mechanism established, and unloaded when it was deemed that the 
arches were approaching their loading capacities. The results from FE models are 
compared with that from the test on the northern arch because two arches showed the 




Figure 5.8 Schematic arch including load and instrumentation in the test 
5.6.1 Mesh convergence and model simplification  
The initial element size used for each model is summarized in Table 5-8. It indicates 
that all four models have almost same element size. The mesh convergence analysis 
is conducted based on the homogeneous model.  
Table 5-8 Summary of the element size for FE models 
Average element size of masonry 
(mm mm) Model 
Bricks Mortar interface 







20 20 with expanded 
brick dimensions 
Zero thickness interface 
element 
Detailed model 
21 20 with actual brick 
dimensions 
18 20 with actual 
mortar dimensions 
Three different meshes were used to conduct the mesh convergence analysis. The 
results (Figure 5.9) indicates that the initial mesh (element size of masonry about 




and fine mesh strategy (element size of masonry about 10mm 10mm) 
deliver almost identical results. Therefore, the initial mesh was chosen for further 





























Figure 5.9 Results of the mesh convergence analysis 
The results from the model with and without loading plate are compared in Figure 
5.10. In the model without loading plate, the load was directly applied to the top of 
the sand backfill in the range of 570mm as the width of loading plate. The load was 
applied to the width of the steel loading beam (100mm) in the FE model including 
the loading plate. It can be found that both models lead to almost identical results, 
thus the presence of the loading plate has no significant effect. It is because that the 
loading range was same in both models. Meanwhile, the model including the loading 
plate requires more computational time. Therefore, the model without the loading 
Chapter 5 
 189
plate is used for the further analysis.  
 
Figure 5.10 FE predictions from the model with and without loading plate 
5.6.2 Loading capacity of arch 
The formation of the hinge mechanism leads to the failure of arches. The loading 
capacity of the arch is thus dominated by the formation of the hinge mechanism. The 
loading capacity predicted from all of FE models are analysed in this section. The 
load-deflection responses obtained from the homogeneous model is shown in Figure 
5.11, from the traction-opening interface model is shown in Figure 5.12, from the 
damaged plasticity interface model is shown in Figure 5.13, and from the detailed 
solid model is shown in Figure 5.14. The comparison of load deflection response at 
location N2 from all the FE models is shown in Figure 5.15. It is clear that all models 
can successfully capture the loading-deflection responses of the arch compared with 
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the test results.  
The loading-capacity from the test was 46.2kN for the northern arch and 49.7kN for 
the southern arch. All models predict an ultimate loading-capacity close to that: 
about 43kN from the homogeneous model, about 50kN from the traction-opening 
interface model, 47kN from the damaged plasticity interface model and 48kN from 
the detailed solid model. The loading-capacity obtained from the homogeneous 
model is the lowest, which can be attributed to the weaker tension behaviour smeared 
into the whole arch. The traction-opening interface model delivered an unsafe 
prediction.  
The initial stiffness of the arch, below 20kN, is similar for all models. The stiffness 
reduces once the cracks formed. Further loading increase leads to the development of 
cracks, and eventually reaches the ultimate load. After reaching the ultimate load, the 




Figure 5.11 Arch load-deflection curves: test vs homogeneous model prediction 
(a) N1, N2, N4 and N5 
(b) N3 
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Figure 5.12 Arch load-deflection curves: test vs traction opening interface model (T-
O interface model) prediction 





Figure 5.13 Arch load-deflection curves: test vs damaged plasticity interface model 
(DP-interface model) prediction 
(a) N1, N2, N4 and N5 
(b) N3
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Figure 5.14 Arch load-deflection curves: test vs detailed solid model prediction 




























N2 (T-O interface model)
N2 (DP-Interface model)




Figure 5.15 Arch load-deflection curves: test vs different model predictions 
5.6.3 Hinge mechanism of arch 
The hinge mechanism is a critical failure mode for masonry arches. Hinges are 
usually formed at the mortar-brick interfaces. The four hinge mechanism obtained 
from the test is shown in Figure 5.16. The hinge mechanism obtained from each 
model is compared and analyzed in this section.  
 
Figure 5.16 The four hinge mechanism obtained from test 
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In terms of the homogeneous model, the hinge positions can be determined from the 
radial deflection of the arch (Figure 5.18) and the concrete damage contours (Figure 
5.19). Five characteristic points in the load-deflection responses in Figure 5.17 are 
specified, 0.0kN is the stage just after the self-weight is applied; load level 20kN is at 
the stage before all cracks opened; load level 33kN is at the stage when the four 
cracks formed; load level 39kN is during the development of cracks; and load level 
42.5kN is at the ultimate state when the four hinge mechanism formed. The arch 
deflections corresponding to each stage are shown in Figure 5.18. It is clear that four 
hinges are formed at -65 , -20 , 29  and 90 . The two largest deflection positions (-
20  and 29 ) correspond to the two major cracks. The alternation of the outwards 
deflection (positive value) and the inwards deflection (negative value) indicate the 
alternation of four hinges, which eventually form the mechanism. There is negligible 
deflection at the crown. The four hinge mechanism at the ultimate load from the 










































































Figure 5.18 Arch deflections obtained from the homogeneous model 
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Figure 5.19 Four hinge mechanism obtained from the homogeneous model (scale 
factor=4) 
For both the traction-opening interface model and the damaged plasticity interface 
model, the crack opening can be directly extracted from the interface elements.  
The crack opening width at both intrados and extrados are shown in Figure 5.21 and 
5.22 at the five load levels as specified in Figure 5.20 for the traction-opening 
interface model. It is clear that four cracks are formed at -65 , -20 , 25  and 90 , 
which are quite similar to that obtained from the test. The four major cracks formed 
when the load reaches 30kN, which is quite close to that from the test. Due to 
compatibility of the deformation, the total crack opening width at the intrados was 
the same as that at the extrados. Two additional cracks are developed at 15  and 85  
when the load is increased from 45kN to 50kN. The four hinge mechanism at the 




























N2 (T-O interface model)



















































(Traction opening interface model)
 
Figure 5.21 Crack opening width at intrados from the traction-opening interface 
model 












































(Traction opening interface model)
 
Figure 5.22 Crack opening width at extrados from the traction-opening interface 
model 
 
Figure 5.23 Four hinge mechanism obtained from the traction-opening interface 
model (scale factor=4) 
The crack opening width at both the intrados and extrados obtained from the 
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damaged plasticity interface model are shown in Figure 5.25 and 5.26 corresponding 
to the five load levels specified in Figure 5.24. It is shown that a four hinge (-65 , -
20 , 20  and 90 ) mechanism is formed, which is quite similar to that obtained from 
the test. The four major cracks opened when load was increased to about 33kN. As 
the load further increased, the cracks continuously opened and eventually lead to the 
formation of the four hinge failure mechanism. The total crack opening width at the 
intrados was the same as that at the extrados due to the compatibility of deformations. 
The four hinge mechanism at the ultimate load obtained from the damaged plasticity 































Figure 5.24 Arch deflection from the damaged plasticity interface model with 
specified points 












































(Damaged plasticity interface model)
 












































(Damaged plasticity interface model)
 





Figure 5.27 Four hinge mechanism obtained from the damaged plasticity interface 
model (scale factor=4) 
The crack opening width at both the intrados and extrados obtained from the detailed 
solid model are shown in Figure 5.29 and 5.30 corresponding to the five load levels 
specified in Figure 5.28. It is clear that the four hinge mechanism is formed at the 
locations of -60 , -20 , 20  and 90 , which is very close to that obtained from the test. 
The four major cracks opened widely when load reached about 31kN. The negative 
values implied that the mortar joint tended to close, which can be attributed to the 
non-zero thickness solid elements used to model the mortar. The total crack opening 
width at the intrados is the same as that at the extrados due to the compatibility of 
deformation. The four hinge mechanism at the ultimate load obtained from the 
detailed solid model is shown in Figure 5.31. 

























N2 (Detailed solid model)
































































































Figure 5.30 Crack opening width at extrados from the detailed solid model 
 
Figure 5.31 Four hinge mechanism obtained from the detailed solid model (scale 
factor=4) 
To summarise, firstly, all the models can successfully simulate the four hinge 
mechanism failure mode with almost identical hinge positions compared to test 
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results. The comparison between test and models in regard to the hinge positions is 
summarized in Table 5-9. The damaged plasticity interface model and the detailed 
solid model delivered more accurate predictions of the hinge locations. Secondly, all 
of the models can capture the load at the formation of four cracks at about 33kN. 
Thirdly, the hinge beneath the loading area (-20 ) formed first, and the four hinge 
mechanism formed once the crack width significantly increased. 
Table 5-9 Summary of the hinge mechanism 
 Location of the four hinges 
Northern arch -68 , -20 , 20 , 90  
Test 
Southern arch -68 , -20 , 20 , 90  
Isotropic model -65 , -20 , 29 , 90  
Traction-opening 
interface model 




-65 , -20 , 20 , 90  
Detailed model -60 , -20 , 20 , 90  
5.6.4 Mechanism analysis validation  
Although the results from the models are in good agreement with the test data, a 
classical mechanism analysis was conducted to compare the loading capacity and 
hinge positions of the masonry arch to verify the parameters and the results. The 
details of the mechanism method has been reviewed in Chapter 2 and can be found in 
the literature such as Harvey (1988), Heyman (1982), Hughes et al. (2002). The 
classical mechanism method has been used to determine the load carrying capacity of 
masonry arches. It is based on the estimation of the thrust line, which is related to the 
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hinge positions. The resulting failure load can be determined once the hinge positions 
are selected. Each hinge position is then relocated until the lowest of the upper bound 
collapse load (minimum capacity) is determined.  
The program developed by Hughes et al. (2002) was used to analyse the masonry 
arch, because it incorporates masonry yielding, passive backfill pressure effects, and 
geometric non-linear effects. The parameters used for the mechanism analysis is 
summarized in Table 5-10. The hinge mechanism determined from the mechanism 
analysis is shown in Figure 5.32. The comparison of the results from test, FE models, 
and mechanism analysis is summarized in Table 5-11. The datails of spreadsheet 
calculation was reported in Appendix 2. 

















Internal friction angle  33 º 
Load Load dispersion angle  30 º 


































Figure 5.32 The hinge mechanism obtained from the mechanism analysis 




Location of four 
hinges 
Northern arch 46.2 -68 , -20 , 20 , 90  
Test 
Southern arch 49.7 -68 , -20 , 20 , 90  










47.5 -65 , -20 , 20 , 90  
Detailed solid model 45.0 -60 , -20 , 20 , 90  
Mechanism analysis 41.9 -58°, -13°, 26°, 90° 
It is clear that the loading capacity predicted from all the FE models and the 
mechanism analysis method is comparable with that from the test, although the 
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mechanism method leads to a conservative prediction. The loading capacity obtained 
from the homogeneous model was the lowest of all of FE models. The mechanism 
obtained from both FE models and mechanism analysis is in good agreement with 
that from the test. The damaged plasticity interface model delivers the most accurate 
prediction compared with the other models.  
The length of loading plate was changed from 570mm for the original arches to 
670mm for the strengthened arches during the test as described in Chapter 3. The 
wider loading plate implies a greater confinement for the backfill, and thus leads to a 
greater load carrying capacity. This effect was investigated using the mechanism 
analysis. All parameters in Table 5-10 were kept constant expecting the length of 
plate. The results are summarized in Table 5-12. It is clear that the wider loading 
plate delivered a greater loading capacity with a slight modification in the location of 
hinges.  




Location of four hinges 
Northern arch 46.2 -68 , -20 , 20 , 90  
Test 
Southern arch 49.7 -68 , -20 , 20 , 90  
570mm plate 41.9 -58°, -13°, 26°, 90° Mechanism 
analysis 670mm plate 45.5 -57°, -12°, 27°, 90° 
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5.6.5 Contact behaviour between sand and arches 
The presence and stiffness of the back-fill can significantly affect the arch behaviour 
by adding additional compression in the arch and dispersing the concentrated forces 
over a greater area. Apart from these, the height of fill at the crown also has 
significant effects on the arch behaviour. Meanwhile, the development of mechanism 
leads to a stress redistribution in the backfill. The contact behaviour between the 
backfill and extrados of arches are studied in this section in order to investigate the 
relationship between the hinge mechanism and the interfacial stresses at the contact 
interface.  
The interfacial shear stress distribution at the interface between sand backfill and the 
extrados of loaded arch obtained from all the FE models are shown in Figure 5.33 
(homogeneous model), 5.34 (traction-opening interface model), 5.35 (damaged 
plasticity interface model), and 5.36 (detailed solid model), respectively. A positive 
value represents an anticlockwise interfacial shear stress. The stress distributions 
obtained from all models are very similar (Figure 5.37). The development of the 
interfacial shear stress can be related to the hinge mechanism as follows. Before the 
cracks are formed (below 30kN), the differential deformation between the arch and 
backfill lead to the development of the interfacial stresses.  Once the crack is formed 
at about 30kN, there is a sharp change at the stress at each hinge location (at about -
65 , -20 , 20 , 90 ). The stress increases continuously while loading is over 30kN. In 
addition, the timber wall can deform laterally because it was only restrained at the 
top and bottom as the test, which leads to the decreases of the passive pressure and 
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Figure 5.33 Interfacial shear stress at the interface between sand and extrados from 















































Figure 5.34 Interfacial shear stress at the interface between sand and extrados from 
the traction-opening interface model 
















































Figure 5.35 Interfacial shear stress between sand and arch extrados from the 































































































Figure 5.37 Interfacial shear stress between sand and arch extrados from different 
models 
The interfacial normal stress distribution at the interface between sand backfill and 
the extrados of loaded arch obtained from all FE models are shown in Figure 5.38 
(homogeneous model), 5.39 (traction-opening interface model), 5.40 (damaged 
plasticity interface model), and 5.41 (detailed solid model), respectively. A positive 
value of the interfacial normal stress indicates the interface is under compression. It 
can be found that the stress distributions obtained from all of the models are similar 
(Figure 5.42). Before the cracks are formed (below around 30kN), the normal stress 
increases with the applied load.  Once the cracks are formed at about 30kN, there 
was a sharp change at the stress at each hinge location. The stress increases 
continuously when loading is over 30kN. The reduction of stress between 50  and 
60  can be attributed to the reduction of the passive pressure.  










































Figure 5.38 Interfacial normal stress at the interface between sand and extrados from 

















































Figure 5.39 Interfacial normal stress at the interface between sand and extrados from 












































Figure 5.40 Interfacial normal stress between sand and arch extrados from the 
















































Figure 5.41 Interfacial normal stress between sand and arch extrados from the 
detailed solid model 


















































Figure 5.42 Interfacial normal stress between sand and arch extrados from different 
models 
5.6.6 Comparison of the models  
After investigating the results from the different FE models as summarized in Table 
5-11, it can be concluded that all the models give comparable predictions for the 
masonry arches. However, each model has their advantages and disadvantages. The 
homogeneous model is the simplest, but it gives the most conservative prediction 
because the weaker tensile strength is smeared over the whole arch. A hinge can also 
form anywhere, such as inside a brick which is not realistic, because of the 
homogenisation. The traction-opening interface model cannot capture the mortar 
interface behaviour correctly because it does not consider the enhancement of shear 
strength when the interface is under compression. Although the damaged plasticity 
interface model gives good predictions, it is not convenient for modelling more 
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complex structures such as FRP strengthened masonry arches because it will lead to 
modelling and numerical difficulties when two zero thickness interfaces intersects. 
The detailed solid model can deliver good predictions compared with the test. It is 
also applicable for modelling of FRP strengthened masonry arch structures, which is 
one of the purposes of this study.  
5. 7 Parametric study  
In order to understand the effects of parameters involved in the modelling of 
masonry arch structures, a parametric study was conducted and several material 
parameters of the masonry and backfill were investigated.  In terms of masonry, due 
to the lack of knowledge about the tensile behaviour of the mortar interface, the 
effects of the fracture energy and the tensile strength of the mortar interface were 
investigated. For the backfill, the effects of the cohesion stress and the internal 
friction angle were investigated. A model without backfill is also produced to study 
its effects. The detailed solid model was used in this study due to the mentioned 
advantages compared with other models in Section 5.6.6.  
5.7.1 The effect of the fracture energy of the mortar joint  
For the mode-I fracture energy of the mortar interface 0cnG , there is no widely known 
equation to determine it and it is difficult to obtain from the test. Lourenço (1996) 





 when the interface tensile strength ranges from 0.3MPa to 0.9MPa 
from several displacement controlled test. In the current study, the tensile strength is 
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even smaller: 0.1MPa as obtained from the test.  





Eq. 5-4. However, this equation is original designed for the 
concrete material and the fracture energy is related to the compressive strength and 
the maximum aggregate size. In the current FE model, the compressive stress was 
taken as the compressive strength of mortar (12MPa) and the maximum aggregate 
size was assumed as 20mm. The smallest value reported by Lourenço (1996) 
(0.005Nmm/mm
2
) is adopted to compare with that used in the proposed detailed 
model.  The results are shown in Figure 5.43. It is clear that the smaller fracture 
energy results in a lower loading capacity prediction, but the difference of load 
carrying capacity between these two cases is less than 5%. The loading-deflection 
responses for the two cases are similar. Clearly, a bridge with a lower interface 


























N2 (G  =0.066 Nmm/mm²)
N4 (G  =0.066 Nmm/mm²)
N2 (G  =0.005 Nmm/mm²)










Figure 5.43 Load-deflection curves from the detailed models with different fracture 
energy of the mortar interface 0cnG  
5.7.2 The effect of the tensile strength of the mortar interface 
The effect of the tensile strength ( 0tif ) is shown in Figure 5.44. It is seen that a 
smaller tensile strength led to a lower loading capacity. However, when a 
significantly large tensile strength is applied, for example 1.0MPa, a significant 
increase on both the loading capacity and stiffness is experienced. This is because 
lower joint opening width and higher load to the onset of the mechanism.  
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Figure 5.44 Load-deflection curves from the detailed models with different tensile 
strength of the mortar interface 0tif  
5.7.3 Effect of sand backfill 
In order to investigate the effect of the sand backfill on the load capacity of the arch, 
a model without backfill was simulated. The FE model of a masonry arch without 
backfill and its loading position are shown in Figure 5.45. The results from both 
models are shown in Figure 5.46. The model without sand backfill gives a 
significantly lower loading capacity. The load drops once the four hinge mechanism 
is formed at about 33kN. The model including backfills produces a greater loading 
capacity because the dead weight of the backfill effectively pre-stresses the masonry 
arch, thereby increases its load carrying capacity; also prevents rotational 
deformation at hinge locations (Gilbert and Melbourne, 1994; Heyman, 1980). Apart 
from this, the backfill also has two further beneficial effects: it disperses the live load; 
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and it provides a passive restraint to the movement of the arch when the latter sways 
into the fill. All of these effects can significantly enhance the load carrying capacity 
of a masonry arch bridge (Harvey, 1988; Heyman, 1982; Hughes et al., 2002).  
 
























N2 (Prediction with backfill)
N4 (Prediction with backfill)
N2 (Prediciton without backfill)
N4 (Prediciton without backfill)
 
Figure 5.46 FE predictions from models with and without sand backfill 
Loading position 
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5.7.4 Effect of the sand material models 
In the proposed detailed model, the sand backfill is modelled using the Mohr-
Coulomb (M-C) plasticity model. The effect of the sand material is investigated in 
terms of the cohesion strength (c) and the internal friction angle ( ).  
Sand is usually treated as a cohesionless material; however, sand is usually given a 
small cohesion stress to avoid numerical problems during numerical modelling (Ai, 
2010). A small cohesion may also arise from linear fitting of the test results. A 
cohesion of 100Pa was chosen in the proposed detailed model because it is the 
smallest value which can successfully avoid numerical difficulties and achieve a 
converged solution. Two larger cohesion stresses (0.5kPa and 1kPa) are applied to 
investigate its effect here. It is shown in Figure 5.47 that a larger cohesion stress 
leads to a higher loading capacity. This is because a higher cohesion strength results 
in an increased elastic behaviour of sand and a higher dispersal so the loading is 
more evenly distributed on the arch.  Figure 5.48 and Figure 5.49 showed the 
interfacial shear stress distribution and the interfacial normal stress distribution from 
the models with different cohesion stress respectively. It is clear that a larger 


































Figure 5.47 Load-deflection curves from the detailed model with varying cohesion 













































Figure 5.48 Interfacial shear stress at the interface between sand and extrados with 
different cohesion stress of the backfill 

















































Figure 5.49 Interfacial normal stress at the interface between sand and extrados with 
different cohesion stress of the backfill 
An internal friction angle of 33º obtained from the test was used in the proposed 
detailed model. The effect of the internal friction angle  is shown in Figure 5.50. It 
is clear that a larger internal friction angle leads to a higher loading capacity and 
stiffness of the arch. This is because a larger internal shear friction implies a higher 
shear strength under the same conditions, leading to a similar effect to a larger 
cohesion. The increases in the thrust forces eventually can increase the bending and 
shear resistance. Figure 5.51 and Figure 5.52 showed the interfacial shear stress 
distribution and the interfacial normal stress distribution from the models with 
different internal friction angle respectively. It is clear that a greater internal friction 

































Figure 5.50 Arch deflections from the detailed solid models with varying internal 













































Figure 5.51 Interfacial shear stress at the interface between sand and extrados with 
different internal friction angles of the backfill 

















































Figure 5.52 Interfacial normal stress at the interface between sand and extrados with 
different cohesion stress of the backfill 
5. 8 Conclusions  
This chapter has described a numerical study on masonry arch bridges with sand 
backfill. The arches were modelled using four different FE models: homogeneous 
model; traction-opening interface model, damaged plasticity interface model and 
detailed solid model. All models can successfully predict the behaviour of the 
masonry arches in regard to the load carrying capacity, hinge mechanism, and the 
contact behaviour between the backfill and the arches. The failure mode of the 
masonry arches is the four-hinge mechanism, which is significantly influenced by the 
modelling of the mortar interface. Therefore, in order to accurately capture the 
mechanism failure of masonry arch, the model including the interface is 
recommended. The increases of the tensile strength and the fracture energy of the 
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mortar interface leads to an increasing of the loading capacity.  
The backfill has a significant effect on the load carrying capacity of the masonry 
arches. The presence of the backfill can increase the loading capacity of the masonry 
ach because it can disperse the load and provide a passive pressure to arch ring 
deformations. The sand backfill increase body shear resistance due to increased 
compression forces. The interaction between the backfill and the masonry is related 
to the formation of the mechanism and the lateral boundary conditions. An increase 
of the cohesion strength and the internal friction angle of the backfill lead to an 
increase of the capacity.  
The damaged plasticity interface model and the detailed solid model give the best 
predictions. However, from the view of FE modelling, the detailed solid model is the 
most suitable for modelling of FRP strengthened masonry arches. 
Chapter 6  
 228
CHAPTER 6 
FINITE ELEMENT MODELLING OF A CONCRETE 
MASONRY ARCH BRIDGE STRENGTHENED WITH 
FRP 
6. 1 Introduction 
Fibre reinforced polymer (FRP) systems are increasingly used for bridge repair and 
strengthening, with particularly widespread application to concrete bridge (ACI, 
2008; CNR, 2006). However, the application of FRP composites to masonry 
structures is less well established, especially for masonry arch structures, although it 
has been the subject of research and development in recent years (De Lorenzis, 2008). 
Apart from the experimental study (Bati et al., 2007; Foraboschi, 2004; Valluzzi et 
al., 2001) and analytical study (Bati and Rovero, 2008; Chen, 2002), a very small 
number of studies have been devoted to the numerical modelling of reinforced 
masonry arches compared with reinforced concrete structures and reinforced 
masonry walls (Basilio, 2007; Drosopoulos et al., 2007; Kyriakides et al., 2012).  
As reviewed in Chapter 2, five failure modes have been identified for FRP 
strengthened masonry arches: 1) mechanism failure; 2) sliding failure along the 
mortar joints; 3) compressive failure of the masonry (when there is a large amount of 
FRP strengthening); 4) tensile rupture of FRP; and 5) debonding failure at the 
interface between FRP and masonry (Bati and Rovero, 2008; Chen, 2002; De 
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Lorenzis, 2008; Foraboschi, 2004; Valluzzi et al., 2001). If arches are pre-damaged 
due to the formation of mechanism, the debonding failure usually starts from the 
existing hinge positions and develops towards either side of the hinge. For 
strengthening undamaged arches, the debonding occurs at the portion of masonry 
under greatest tensile or shear load. Debonding of the strengthening system often 
occurs slightly inside the masonry next to the FRP-masonry interface.  The bond 
behaviour between FRP and masonry plays a significant role in the first two failure 
modes and in the debonding failure mode. An understanding of the bonding 
behaviour is therefore important for understanding the failure of FRP strengthened 
masonry arches. Less attention has been paid to numerical studies on FRP 
strengthened masonry arches due to the complex of masonry itself and the bond 
behaviour between FRP and masonry. As well as the masonry unit, the mortar-
interface has significant effects on the performance of FRP strengthened arch 
structures because they are the weakest parts of the masonry assemblage. The bond 
interface between FRP and masonry is even more complicated due to material 
discontinuities in the system and the existence of both normal and shear interfacial 
stresses arising from the curved bond line. This chapter focuses on the numerical 
study of FRP strengthening masonry arch structures using the finite element (FE) 
method.  
This chapter starts with a review of existing FE modelling strategies of FRP 
strengthened masonry arch structures to highlight challenges involved in numerical 
modelling. A detailed solid model for masonry and an interface model approach for 
modelling bond joint between masonry and FRP are then developed. A concrete 
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damaged plasticity model was used to model the masonry unit and the mortar 
interface. A mixed mode interface constitutive law, including both modes I and II, 
was used to model the bond behaviour between masonry and FRP. Apart from these 
aspects, two different modelling strategies were adopted, one without considering the 
existing damages from the previous tests and other considering these damages. The 
comparison between numerical and the test results is presented in order to exam the 
proposed FE models. The key parameters involved in the FE model are investigated 
to achieve an understanding on the behaviour of such strengthened structures. 
6. 2 Existing FE modelling strategies 
Chapter 2 has presented a comprehensive review on FRP strengthened masonry arch 
structures. This section focus on the FE modelling strategy of the strengthened 
masonry arch structures to highlight the challenges involved in numerical modelling 
and eventual solutions.  
In the present study, the detailed solid model developed in Chapter 5 was used to 
model the masonry arch bridge. This detailed solid model simulates the masonry 
units with its actual size and mortar-interface as the geometry of mortar but with a 
small tensile strength to capture the interface behaviour. 
As reviewed in Chapter 2 and 4, in terms of the bond behaviour between FRP and its 
substrate, three approaches have been adopted in the previous studies: 1) detail 
model approach which models the debonding in details in substrates material and 
therefore requires very  a fine mesh (such as, Lu et al. (2006; 2005b)); 2) interface 
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model approach which uses a zero-thickness interface element with a constitutive 
law considering the  bond-slip relationship to directly model the bond behaviour 
between FRP and its substrate (such as, Diab and Wu (2007); Salomoni et al. (2011)); 
3) crack band model which defines a range of substrate underneath the bond interface 
with modified constitutive laws (such as, Coronado and Lopez (2007; 2010)). The 
detail model approach is not appropriate for modelling large structures such as 
masonry arch bridges due to the consideration of computational effort (Chen et al., 
2011). The crack band model requires more parameters for the band zone and thus is 
not suitable for a prediction model (Coronado and Lopez, 2007). Therefore, the 
interface model is adopted in this study to model the bond behaviour between FRP 
and masonry arches.  
For a 2-D FE model including the interface elements at the FRP-masonry joints, 
there was a challenge in dealing with locations where multiple interfaces meet, for 
example, where the mortar-brick interface and the FRP-masonry interface intersect. 
All nodes of the element have the same coordinates when two zero-thickness 
interfaces intersect, which is not permitted in the FE modelling. Existing FE models 
adopted several methods to tackle this challenge. Drosopoulos et al. (2007) included 
only zero thickness interface elements for the brick-mortar interfaces and modelled 
the FRP-to-masonry bond interface using a frictional contact method for mode-II 
behaviour and spring elements for mode-I behaviour. Basilio (2007) and Kyriakides 
et al. (2012) adopted the same six-node interface elements (available in DIANA) for 
both the brick-mortar interface and the FRP-to-masonry bond to achieve mesh 
compatibility. Unfortunately, such 6 node interface element is not available in 
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ABAQUS (2007).  
In this study, a detailed solid model for masonry and an interface model for the FRP-
to-masonry bond were adopted. The mesh compatibility can be achieved because the 
mortar interface is smeared in the mortar. Compared with the aforementioned 
approach using frictional contact elements, the present model includes zero thickness 
interface elements for the FRP-to-masonry bond and is able to consider the mixed 
mode behaviour. 
6. 3 Finite element model 
The two span masonry arch bridge in the experimental study described in Chapter 3 
is modelled using ABAQUS (2007). The details of arches are shown in Figure 6.1. 
The masonry arch bridge was strengthened by bonding FRP plates into their intrados. 
A 2-D plan strain assumption is assumed and a displacement control method is 
adopted. The loading on the bridge includes the gravity and the applied load. The 
loading plate was not included in the model and the load was directly applied into the 
sand backfill in the position of loading plate. The entire arches are modelled and the 
loading plate is not included in the model. That is because loading was only applied 
on a single span in the tests so the problem was unsymmetrical. The actual width of 
each material was applied to the out-of-plane thickness in the models.   
In terms of the boundary conditions, the abutments were restrained in all directions 
because they were connected to the strong floor, as shown in Figure 6.1. The timber 
retaining wall at each end of the bridge was securely connected to the side wall, and 
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substantial support of the end walls was provided by an arrangement of steel beams 
which were bolted to the floor (Prentice, 1996). Therefore, the boundary at both ends 
is not fully restrained but deformable laterally. This deformation was observed 
during the test and led to a gap between the abutment and the timber walls, and 
consequently some sand leaked out from this gap. The boundary at both ends thus 
was modelled using springs (element: Spring A). The stiffness of the springs was 
determined by treating the timber wall as an elastic plate with three edges simply 
supported and the top edge free. The spring stiffness is determined as the inverse of 
the deflection at the relevant location under a unit concentrated load at the same 
location. Details can be found in Chapter 5. The models of sand backfill, the 
abutments and the timber retaining walls are same as that in the modelling of 
unstrengthened masonry arch described in Chapter 5.  
The arches were tested until the formation of a hinge mechanism and then 
strengthened by bonding FRP into their intrados. However, this damage situation 
(hinge mechanism) was initially not simulated for simplicity. An advanced model 
including the damage situation was developed in later of this chapter (section 6.5.2). 
The FE mesh is shown in Figure 6.2.  
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Figure 6.1 The test masonry arch bridge (mm) 
 
Figure 6.2 FE mesh of FRP strengthened masonry arch bridge 
6.3.1 Modelling of masonry arches 
The detailed solid model developed in Chapter 5 is used to model the masonry arches. 
Apart from modelling the masonry units with its actual size, the detailed solid model 
simulates the mortar-interface as the geometry of mortar but with a low tensile 
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strength representing the tensile strength of the mortar-brick interface. The masonry 
unit and mortar layer are modelled using the plane strain element (CPE4) with 
common nodes. The average thickness of mortar was 15mm and there were total of 
41 bricks in the model bridge.  The element size for mortar was about 15 20mm
2
 
and that for masonry unit was about 20 20mm
2
.  
A concrete damaged plasticity model available in ABAQUS (2007) was used to 
model both the masonry unit and mortar. The parameters used are summarised in 
Table 6-1. 
Table 6-1 Material parameters of the masonry arch bridge 
Materials Parameters Values 
Compressive strength cbf   58.2 (MPa) 
Tensile strength tbf  4.1 (MPa) Bricks 
Fracture energy 
I
fbG  0.12 (Nmm/mm
2
) 
Compressive strength cif  12 (MPa) 
Tensile strength 
0
tif  0.1 (MPa) Mortar joint 
Mode-I fracture energy 
0
cnG  0.066 (Nmm/mm
2
) 
The uniaxial compression behaviour of both masonry unit and mortar is modelled 
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where c and c are respectively the compressive stress and strain, p and p are the 
experimentally determined maximum stress and its corresponding strain which are 
taken to be the compressive strength and 0.0022 respectively, E0 is the elastic 
modulus of material.  
The tensile behaviour of both concrete brick and mortar joint is modelled using the 
model developed by Hordijk (1991) for plain concrete as Eq. 6-2. Pluijm (1997) 
verified that this formulation can describe the tensile behaviour of both the unit and 































1  (6-2) 
where wt is the crack opening displacement, wcr is the crack opening displacement at 
the complete loss of tensile stress, t is the tensile stress normal to the crack direction, 
ft is the uniaxial tensile strength, and c1 =3.0 and c2 =6.93 are dimensionless 
constants determined from tensile tests. It is noticed that c1 and c2 may be variable 
because they depend on water/cement ratio and the strength of the mortar.  
 A damage model based on the plastic degradation theory developed in Chapter 4 
was applied to describe the damage effects of both bricks and mortar interface. The 
details of this damage model can be found in Chapters 4 and 5. 
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6.3.2 Modelling of masonry-to-FRP bond interface 
The FRP-to-masonry bond interface was modelled using the zero thickness cohesive 
elements (COH2D4) available in ABAQUS (2007) as shown in Figure 6.2. The 
cohesive elements connect to the masonry arches through the common nodes. There 
are two types of interface element at the FRP-to-masonry bond interface, one 
between FRP and bricks, the other between FRP and mortar.  
The bond behaviour between masonry and FRP was modelled using a traction 
opening constitutive model available in ABAQUS (2007). Both mode-I (normal) and 
mode-II (shear) bond behaviour were modelled because the interfacial normal stress 
that coexists with the interfacial shear stress due to the curved bond joint. The 
individual local bond behaviour was modelled by introducing a bond-slip 
relationship for mode-II or a traction-opening relationship for mode-I behaviour. The 
interaction between two modes was modelled by a power law criterion (Eq. 6-9).  
In terms of the FRP-to-brick bond behaviour, there is less research on the mode-I 
debonding behaviour. The failure of a FRP-to-concrete bond joint under tensile 
action being perpendicular to the bond interface occurs usually in the concrete 
(Coronado and Lopez, 2008). To investigate the mode-I behaviour of the bond 
interface of FRP-to-masonry, Oliveira et al. (2011) conducted a pull-off test with 
action being perpendicular to the bond interface. The results showed that failure was 
due to the ripping of a thin layer of brick and mortar. It is similar to that in the FRP-
to-concrete bonded joint. The masonry tensile strength is adopted to model the mode-
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I behaviour of the FRP-to-brick bond because the debonding strain predicted by Lu 
et al.’s  (2005a) model using the masonry tensile strength (1.99MPa) is in good 
agreement with the test value as discussed in Chapter 3. A traction-opening model as 
shown in Figure 6.3a is used to describe the mode-I behaviour of the bond joint. A 
linear softening is assumed for simplicity. The interfacial elastic stiffness for the 
traction-opening model in mode-I (knn) is given by knn=E/L, where E is the elastic 
modulus of masonry determined experimentally as 16000MPa, L is the constitutive 
thickness of the interface layer and set as unit thickness in the FE model, which 
ensure that the nominal strain has the same value as the separation when the 
geometry thickness of interface is equal to zero (ABAQUS, 2007). The  mode-I 
fracture energy of masonry IfG is estimated from the CEB-FIB (1991) model for 
concrete which is related to the cylinder compressive strength fc (masonry 
compressive strength 25MPa in this study) and maximum aggregate size da 







ddG  (6-3) 
For the mode-II behaviour of FRP-to-brick bond interface, the bilinear bond-slip 
model developed by Lu et al. (2005a) as shown in Figure 6.3b is adopted. The 
parameters involved in the bond-slip model are:  






2308.0  (6-5) 













where max  and 
0
sS  are the maximum interfacial shear stress and the corresponding 
slip, tf  
is the tensile strength of the masonry, IIfG is the mode-II fracture energy of 
the bond interface, w  is the width ratio factor proposed by Chen and Teng (2001), 
fb and cb  are the width of FRP and masonry arches. 
 
Figure 6.3 Traction-opening relationship of FRP-to-masonry bond behaviour: (a) 
mode-I, (b) mode-II 
In terms of the FRP-to-mortar bond interface, the mode-I behaviour was modelled by 
the traction-opening relationship shown in Figure 6.3a. The maximum interfacial 
normal stress tf  was taken as the tensile strength of the mortar-brick interface 
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(0.1MPa). The mode-I fracture energy IfG  was assumed as 0.005Nmm/mm
2 
and the 
interfacial elastic stiffness knn is assumed as 5000MPa/mm.  
For the mode-II behaviour of FRP-to-mortar interface, the bilinear bond-slip model 
shown in Figure 6.3b was adopted. However, the bond-slip model developed by Lu 
et al. (2005a) may not be suitable for very low tensile strength materials such as the 
case here. In order to estimate the mode-II fracture energy IIfG , the maximum slip 
f
sS  
for FRP-to-mortar interface is assumed to be equal to that for the FRP-to-brick 
interface, the maximum interfacial shear stress max  and the corresponding slip 
0
sS  
are calculated using Eqs. 6-4 and 6-6. The material properties for the bond interfaces 









Table 6-2 Material properties of bond interfaces 
3 FRP plate strengthening  
(North arch) 
6 FRP plate strengthening  
(South arch) Parameters 
FRP-bricks FRP-interface FRP-bricks FRP-interface
tf  
(MPa) 






0.066 0.005 0.066 0.005 Mode-I 
knn 
(MPa/mm) 
16000 5000 16000 5000 
max  
(MPa) 






0.67 0.03 0.53 0.02 Mode-II 
kss 
(MPa/mm) 
76.9 76.9 76.9 76.9 
The interaction between the two modes was modelled using a damage initiation (Eq. 
6-8) and a damage evolution law (Eq. 6-9). The damage initiation law is used to 
define the onset of damage, corresponding to the initiation of softening (ABAQUS, 
2007). The damage evolution law describes the rate at which the material stiffness is 
degraded once the corresponding initiation criterion is reached (ABAQUS, 2007). 
The maximum stress criterion (Eq. 6-8) is used to model the damage initiation law in 
this study. 





The Macaulay brackets in Eq. 6-8 signifies that pure compressive stress state does 
not initiate damage (ABAQUS, 2007). This criterion also implies that the shear stress 
does not increase when the interface is under compression.  
A power law criterion available in ABAQUS (2007), which was originated from the 
model proposed by  Wu and Reuter (1965), is used to define the damage evolution 
behaviour. The power law criterion is defined in terms of an interaction between the 











where GIC and GIIC refer to the critical fracture energies required to cause failure in 
the pure normal (mode-I) and shear (mode-II) direction, respectively. GI and GII 
represent the work done by the traction and its conjugate relative displacement in the 
normal and shear direction, respectively.  is the power ration to define the 
interaction behaviour. In this study, =2 was assumed in the current model and the 
effects of this parameter was investigated in the later of this chapter. 
6.3.3 Modelling of FRP 
The FRP composite is modelled using a plane stress element (CPS4) available in 
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ABAQUS (2007). The thickness of FRP was 1.4mm. The elements of FRP are 
connected to the bond interface elements through sharing common nodes.  
The mechanical properties of FRP composites depend on the fibre orientation and 
distribution and the relative proportions of fibre and matrix. Their macro properties 
can be estimated from the fibre and adhesive properties using the law of mixtures 
(Vinson and Sierakowski, 2002). In this study, the matrix was assumed to have the 
same properties as the adhesive. Thus, the properties of the FRP can be deduced 
from the fibre and adhesive properties and fibre volume ratio.  
The law of mixture which Vinson and Sierakowski (2002) suggested is an approach 
developed by Hahn (1980) to predict the mechanical properties of FRPs by codified 
results for unidirectional fibres of circular cross section which are randomly 
distributed in a plane normal to the fibre direction. This approach assumes that both 
the fibre and matrix are isotropic materials and that the FRP composite behaves as a 
transversely isotropic material. Assuming the properties are the same in the 2-3 plane, 
and different in the 1 plane, which is normal to the 2-3 plane, the elastic properties 
involve only five engineering constants, namely, E1, E2, 12, 23, and G12, where 1 is 
the fibre direction, E1 and E2 are the longitudinal modulus and transverse modulus of 
FRP respectively, 12 and 23 are the major Poisson’s ratio in 1-2 plane and the 
Poisson’s ratio in 2-3 plane, respectively, and G12 is the shear modulus in 1-2 plane. 
Based on the rules of mixtures, and assuming that the fibres and the matrix deform 
compatibly when an FRP lamina is subjected to uniaxial loading in the fibre direction, 
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the longitudinal modulus E1 and the major Poisson’s ratio 12 of FRP can be found 
from the following simple equations: 
 mxmxff VEVEE1  (6-10) 
 mxmxff VvVvv12  (6-11) 
where Ef is the elastic modulus of the isotropic fibres; f is the major Poisson’s ratio 
of the fibres; Emx and mx are the elastic modulus and the Poisson’s ratio of the matrix, 
respectively; and Vf and Vmx are the volume fractions of fibres and matrix, 







P  (6-12) 
in which  
P = FRP composite properties 1/G12, 1/G23, or 1/KT 
Pf = fibre properties 1/Gf, or 1/ Kf 
Pmx = matrix properties 1/Gmx, or 1/ Kmx 
in the above KT is the plane strain bulk modulus,  
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)1(2 fff EK  and )1(2 mxmxmx EK . The values are given by:  















4  (6-14) 




























m T  (6-17) 
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Hahn (1980) suggests that for most structural composites, Gmx/Gf < 0.05, then 6  
0.5; furthermore, since for most epoxies, mx = 0.35, then 4 = 0.62 and K = 0.77. 






















fmxff  (6-18) 
The parameters from the manufacturer’s datasheet for CFRP are summarized in 
Table 6-3 and the orthotropic properties can be conducted from the above method.  






170 5 0.2 0.63
6. 4 Results and discussions 
The results from the FE model are compared with the test results in this section. The 
deflection, FRP strain, and crack opening width are investigated.  
The mesh convergence analysis has been conducted in the Chapter 5 for the 
unstrengthened arches and shown the mesh convergence is achieved. The average 
element size for bricks was 21mm 20mm and 18mm 20mm for the mortar 
interfaces in this study.  
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6.4.1 Results from the northern arch  
The northern arch was repaired by bonding 3 FRP plates onto their intrados. The 
load-deflection, FRP strain, and crack opening width are investigated in the 
following sections. 
6.4.1.1 Load-deflection response 
The comparison of the load-defection responses from the FE model and the test is 
shown in Figure 6.4. The loading capacity obtained from the FE model (132.2kN) is 
in good agreement with that from the test (132kN). The initial stiffness (when load is 
less than 90kN) is also close to that from the test. However, the FE model predicts 
stiffer results when the load is greater than 90kN. That is probably because the FE 
model does not consider the existence of the four hinge mechanism and the residual 
deformation priori to strengthening. 
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Figure 6.4 Load-deflection curve for the north arch: test vs FE prediction 
6.4.1.2 FRP strain responses 
The comparison of the FRP strain at the two critical cracks (CN1 and CNA) from the 
test and the FE model is shown in Figure 6.5. It can be seen that the FE prediction for 
the FRP strain at crack CN1 was larger than that from the test. The debonding strain 
predicted by the FE model is 2491 , which is about 10% larger than the test 
maximum strain of 2250 . At crack CNA, the FE prediction is smaller than that from 
the test but shows a similar trend. The FE delivered an unsafe prediction about the 
debonding strain. It can be attributed to the following reasons: 1) the loading was 
directly applied onto the sand backfill in the FE model but was on a loading plate in 
the test; 2) the FE model does not include the existing damages in the masonry 
arches priori to FRP strengthening; 3) the damage initiation law (Eq. 6-8) does not 
consider the increase of the shear stress when the interface is under compression; 4) 
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the method for estimating the lateral boundary conditions representing the timber 
retaining walls may be not accurate.     
The comparison of the distribution of longitudinal FRP strain from the test and the 
FE model is shown in Figure 6.6. It can be found that the FE model predicts a similar 
strain distribution as the test. For example, the maximum tensile strain is located at 
crack CN1 which is beneath the loading area; the strain decreases towards either side 
of the crack. The locations of the two peak compression strain (-40° and 78°) are 
consistent with the two extrados cracks in the test. The peak compression strain at -
40° is larger than that at 78°. The FRP strain at crack CNA at -20° changes from 
compression to tension when the load increases above 60kN (Figure 6.5), indicating 
that the intrados at this crack is changed from tension to compression (Figure 6.6).  
 
Figure 6.5 FRP strain at two critical cracks in the north arch: test vs FE prediction 
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Figure 6.6 Distribution of longitudinal FRP strain (PN2 & PN3) in the north arch: FE 
prediction vs test 
6.4.1.3 Masonry joint opening width 
The comparison of the joint opening width at two critical cracks (CN1 and CNA) from 
the test and FE prediction is shown in Figure 6.7. It is shown that the joint opening 
width at crack CN1 (wN1) from the FE model was in good agreement with the test 
results (wN1E & wN1W). The FE prediction for the joint opening width at CNA (wNA) 
showed the similar trend to the test results (wNAE & wNAW) but the value was smaller. 
This can be attributed to the aforementioned reasons in section 6.4.1.2.  The existing 
damage from the previous tests was not considered in the FE model, which led to a 
coarse prediciton on the closing of the joint opening at extrados crack CNA.  
The distributions of the crack opening width at the mortar-brick interface in the 
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intrados and extrados obtained from the FE analysis are shown in Figure 6.8 and 
Figure 6.9 respectively. It can be found from Figure 6.8 that the FRP strengthening 
effectively prevents the opening of intrados cracks. Several intrados cracks opened 
beneath the loading area and consequently resulted in the debonding failure. There is 
also another major intrados crack at -90° because it was not strengthened by FRP 
plates, which also led to the significant opening of the crack.  
The predicted joint opening width at the extrados (Figure 6.9)  was greater than at the 
intrados (Figure 6.8) due to no the presence of FRP strengthening in the extrados. It 
can be found from Figure 6.9 that several extrados cracks opened at the range of -65° 
to -20° and 65° to 85°. The location of the major crack CNC (-38°) matched with that 
from the test. It is worth noting that the extrados cracks CNA and CNB had formed in 
the test in the original arch. The extrados crack CNB continuously opened after 
strengthening but crack CNA closed when the load is greater than 60kN. An 
additional extrados crack CNC formed during the test on the strengthened arch. In the 
FE analysis, the opening of the crack CNC is predicted properly. Several extrados 
cracks at the range of 65° to 85° were predicted by the FE model because this range 
is closed to the end of FRP strengthening.  
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Figure 6.7 Change in joint opening: test vs FE prediction in the north arch 
 




Figure 6.9 FE prediction of joint opening width at extrados in the north arch 
6.4.1.4 Discussion of results for the northern arch 
The test results show that the FRP strain at intrados below extrados crack CNA 
changed sign from compression to tension (Figure 6.5) when the load increased 
above 60kN, leading to the close of this extrados crack (Figure 6.7). It can be 
attributed to the formation and opening of the neighbouring extrados cracks (CNB and 
CNC in the test) as shown in Figure 6.9 (two major cracks at -38° and 82° in the FE 
prediction). The development of those extrados cracks led to the greater deformation 
when the load is over 90kN as shown in Figure 6.4.  
6.4.2 Results from the southern arch 
The southern arch was repaired by bonding 6 FRP plates onto the intrados and was 
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tested after the northern arch was tested to debonding failure. The load-deflection, 
FRP strain, and crack opening width are analyzed in the following sections. 
6.4.2.1 Load-deflection response 
The comparison of load-deflection response from the test and FE prediction is shown 
in Figure 6.10. It can be found that the loading capacity predicted by the FE model 
(250.1kN) is in good agreement with that from the test (253.8kN). The stiffness was 
also close to that from the test when the load is less than 180kN. However, the FE 
model predicts a stiffer response when the load is greater than 180kN. One possible 
cause of this phenomenon may be that the FE model does not consider the formation 
of the four hinge mechanism and the residual deformation caused by the loading on 
the original arches. The differences between the FE prediction and test for the 
southern arch (Figure 6.10) are smaller than that from the northern arch (Figure 6.4), 
probably because the residual deformation from the test on the original southern arch 





Figure 6.10 Load-deflection for the south arch: test vs FE prediction 
6.4.2.2 FRP strain responses 
The comparison of FRP strain from test and FE prediction at two critical cracks (CS1 
and CSA) is shown in Figure 6.11. It can be seen that the FE prediction for the FRP 
strain at the crack CS1 is larger than that from the test results ( S1-1, S4-6, S6-1) but has 
the similar increasing trend. The debonding strain predicted by the FE model is 
2302  is very close to the maximum strain obtained from the test (2250 ). For the 
FRP strain at crack CSA, the FE prediction is in good agreement with test result when 
the loading is lower than 140kN. The test results at S1-2 and S6-2 indicate that the 
FRP was under tension when the load is above 200kN. This changing level is at 
140kN in the FE prediction. Apart from the reasons summarized in section 6.4.1.2, 
the differences between FE prediction and test also caused by the effects on the stress 
distribution from existing debonding failure on the neighbouring (northern) arches, 
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which is not considered in the FE prediction. 
 
Figure 6.11 FRP strain at two cracks in the south arch: test vs FE prediction  
The comparison of the distribution of longitudinal FRP strain from the test and the 
FE model is shown in Figure 6.12. It can be found that the FE predicts a similar 
strain distribution as the test, such as, the maximum tensile strain is located at crack 
CS1 beneath the loading area, and the strain reduces towards either sides of the crack. 
The locations of two large compression strain (-80° and 54°) imply the formation of 
two extrados cracks. In addition, the maximum compression strain shifting from 40° 
to 54° indicates the shifting of the position of the extrados cracks. The maximum 
compression strain (54°) occurred at the portion farther away from the loading area 




Figure 6.12 Distribution of longitudinal FRP strain in the central plate (PS4) in the 
south arch: FE prediction vs test  
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6.4.2.3 Masonry joint opening width 
The comparison of the joint opening width at two critical cracks (CS1 and CSA) from 
the test and FE prediction is shown in Figure 6.13. It is shown that the joint opening 
width at crack CS1 from the FE prediction (wS1) is in good agreement with the test 
results (wS1E & wS1W). The FE prediction for the joint opening width at CSA (wSA) 
shows the similar trend as the test results (wSAE & wSAW), such as, the crack is closed 
when the loading is greater than 35kN. The smaller prediction at the crack CSA is 
because addition extrados cracks are formed. Moreover, the present FE model does 
not consider the existing damage effects as the test. 
 
Figure 6.13 Change in joint opening in the south arch: test vs FE prediction 
The distributions of the crack opening width in the intrados and extrados obtained 
from the FE prediction are shown in Figure 6.14 and Figure 6.15, respectively. There 
Chapter 6 
 259
were several intrados cracks opened beneath the loading area and consequently 
resulted in the debonding failure there. There is another major intrados crack at 90° 
because it was not strengthened by FRP plates, leading to the dramatic opening of a 
crack at this location. At the extrados (Figure 6.15), the crack opening width is 
greater than at the intrados because there is no FRP strengthening exists there. The 
location of crack CSC (40°) matched with the test results when the load is smaller 
than 140kN. Above this load, the location of the maximum extrados crack shifted to 
54°. This response is corresponding to the FRP strain shifting at the same load 
(Figure 6.12). Although FE model detected that the crack CSD (-68°) opened, the 
mortar-interface at -85° showed a greater opening width. 
It is worth noting that the extrados crack CSA and CSD had formed in the test on the 
unstrengthened south arch. The extrados crack CSD opened continuously after 
strengthening but crack CSA closed when the load is greater than 20kN. The 
additional extrados crack CSC formed during the test in the strengthened arch. In the 
FE prediction, the opening of the crack CSC (40°) is detected properly. The opening 
of additional cracks between 40° to 54° should be caused by the stress redistribution. 
An additional extrados crack at -85° formed, out of the strengthening region.  
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Figure 6.14 FE predicted distribution of crack opening width at the intrados in the 
south arch 
 




6.4.2.4 Discussion of results for the southern arch 
The test results show that the FRP strain at intrados below extrados crack CSA 
changed to tension (Figure 6.11) when the load is above 200kN. It can be attributed 
to the formation and opening of the neighbouring extrados cracks (CSB,  CSC and CSD 
in the test) as shown in Figure 6.15 (cracks at -85° and 54° in the FE prediction). The 
development of these extrados cracks led to the greater deformation when the load is 
over 180kN as shown in Figure 6.10.  
6.4.3 Discussion  
From the above analysis, the loading capacity predicted by the FE model is in good 
agreement with the test result for both arches.  The FRP strain responses under the 
loading area from the FE model show a better prediction than that at the extrados 
cracks for both arches. Similar results are found from the crack opening width results, 
the cracks beneath the loading area show a better prediction than the extrados cracks 
from the FE model. The density, stiffness and angle of friction for the backfill could 
be the reason for the less accurate predictions for the extrados joint opening crack. 
The differences about the deflection, FRP strain responses, and crack opening width 
between FE prediction and test should be caused by the following causes: 1) the 
loading was directly applied onto the sand backfill in the FE model, which could 
cause a different stress distribution from that in the test; 2) the FE model does not 
consider the formation of the four hinge mechanism and the residual deformation 
from the test of the original arches, which could also cause different stress 
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distributions; 3) the damage initiation law (Eq. 6-8) does not consider the increase of 
the shear strength when the interface is under compression; 4) the method to estimate 
the lateral boundary conditions on the timber retaining walls may be not accurate 
enough. In addition to the southern arch, the effects from the existing debonding 
failure at the neighbouring (northern) arch were not considered in the FE model as 
well.  
6. 5 Model upgrade and parametric study 
6.5.1 Model includes loading plate 
After investigating the results from the proposed FE models, it is found that the FE 
results are significantly affected by the stress distribution in the backfill. The load 
was directly applied onto the sand backfill in the proposed FE model, which led to a 
different stress distribution compared with the actual test situation.  Therefore, an 
advanced FE model including the loading plate was produced as shown in Figure 
6.16. The contact properties between the loading plate and the sand backfill is the 
same as the contact between the timber wall and the sand backfill as described in 





Figure 6.16 FE model including the loading plate 
The load deflection responses from the different FE models and test in the northern 
arch are shown in Figure 6.17. It can be found that the loading capacity obtained 
from the FE model including the loading plate (131.7kN) is very close to that from 
the model without loading plate (132.2kN). The FE model including loading plate 
showed a slightly stiffer response than that from the model excluding the loading 
plate.  
In terms of the FRP strain response, the model without the loading plate predicted a 
greater debonding strain. The model including the loading plate delivered a better 
prediction on the debonding stain as shown in Figure 6.18. Although the loading 
capacities predicted by two FE models are very close (Figure 6.17), the presence of 
the loading plate has a significant effect on the stress distribution in the sand backfill 
and results in different stress distributions in the FRP plate (Figure 6.18). Figure 6.18 
shows that the FE model including the loading plate gave a better prediction of the 
FRP strain than that excluding the loading plate. For the distribution of FRP strain, 
the FE model including the loading plate showed a different strain distribution 
compared with that without loading plate in the portion beneath the loading (Figure 




Figure 6.17 Load-deflection from the test and different FE models in the north arch 
 




Figure 6.19 Distribution of longitudinal FRP strain in the north arch: different FE 
models 
6.5.2 Model includes pre-damaged condition 
 The previous FE models did not considered the pre-damaged condition as the test 
described in Chapter 3. From the previous results, it can be concluded that the 
differences between FE prediction and the test may be caused by the existing four 
hinge mechanism and the residual deformation on the arches. Therefore, another 
advanced model was produced by including the pre-damaged condition.  
As explained in Figure 6.20, the original arch was firstly loaded until the same level 
in the test (46.2kN) with the formation of the four hinge mechanism and then 
unloaded to zero. The FRP and cohesive elements were then activated before the 
strengthened arch was loaded until failure. The tracing element technique was 
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adopted to capture the deformed shape of the FRP and cohesive elements before they 
were activated. It is worth nothing that the length of loading area changed from 
570mm for the original arch to 670mm for the repaired arch in FE model.  
 
Figure 6.20 Schematic of loading history 
The load-deflection response from the model including the pre-damaged condition is 
shown in Figure 6.21. It is clear that the model including the pre-damage condition 
delivered better predictions about deformation and the stiffness than the previous 
model without considering the pre-damaged effects. The load carrying capacities 
predicted from both models are quite close. There were several loading-unloading 
cycles in the test to check the instruments and loading frame, which caused more 
damages. However, there was only one loading-unloading cycle modelled in the FE 
model. This may lead to the remaining differences between the advanced FE model 





Figure 6.21 Load-deflection from the test and different FE models in the north arch 
In terms of FRP strain response, the model including the pre-damaged condition 
delivered a better and safety prediction compared to that excluding the pre-damaged 
effects on the debonding strain as shown in Figure 6.22. In addition, the load-FRP 
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strain responses from the improved model showed more accurate prediction than that 
from the previous model without considering the pre-damaged effects.  
The model including the pre-damaged condition has significant effects on the FRP 
strain distribution (Figure 6.23). The FE model including the pre-damaged condition 
showed a lower tensile strain compared with the previous model without considering 
the damage effects in the portion beneath the loading (Figure 6.23). Moreover, the 
similar strain distribution from both models indicates that the debonding starts from 
the highest stress region (beneath the loading) regardless the presence of the pre-
damage condition (cracks).  
In terms of masonry crack opening width (Figure 6.24), the model including the pre-
damaged condition showed better predictions on the opening width and the load-
crack opening response compared with the model excluding the damage effects.  
It can be concluded that the pre-damaged condition has significant effects on the 
behaviour of the FRP strengthened masonry arch structures. The pre-damaged 
condition, hinge mechanism and residual deformation, will lead to a larger 
deformation and different stress distribution of the repaired structures. In terms of FE 
modelling, the accuracy of the prediction increases when the pre-damaged condition 




Figure 6.22 FRP strain at two cracks in the north arch: test vs different FE models 
 
Figure 6.23 Distribution of longitudinal FRP strain in the north arch: different FE 
models 
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Figure 6.24 Crack opening width in the north arch: different FE models 
6.5.3 Parametric study 
The bond behaviour of FRP-to-masonry obviously has a significant effect on the FE 
results. The effects of several parameters involved in the bond joint of FRP-to-
masonry, such as, the critical fracture energy, the interaction criterion between two 
failure modes, the stiffness of the traction-opening law are investigated in this section. 
6.5.3.1 Effect of the Mode-I fracture energy at the bond interface 
In the current model, the critical mode-I fracture energy at the FRP-to-brick bond 
interface ( )(bG If ) is taken as the mode-I fracture energy of the masonry as shown in 
Table 6-2 (0.066N/mm
2
). The effect of this parameter is investigated in this section. 
The results are shown in Figure 6.25. It is seen that the mode-I fracture energy has 
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negligible effect.  That is because the debonding failure is dominated by the 
properties of mode-II. The mode-I behaviour only takes effects after debonding 
occurs.  
 
Figure 6.25 Load-deflection results in the northern arch from FE models with 
different mode-I fracture energy )(bG If  
6.5.3.2 The effect of the Mode-II fracture energy at the bond interface 
The mode-II behaviour of FRP-to-brick should dominate the structural behaviour 
until debonding occurs. The effect of the mode-II fracture energy at the FRP-to-brick 
bond interface ( )(bG IIf ) is investigated in this section. The smaller mode-II fracture 
energy leads to a smaller local slip at bond stress reducing to 0 ( fsS ) as shown in 
Figure 6.3b.   
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Figure 6.26 shows the results with different mode-II fracture energies. It is shown 
that a greater mode-II fracture energy leads to a higher load carrying capacity. 
However, the global stiffness from different mode-II fracture energies is identical. 
This is because the elastic part of the bond-slip law was kept constant and only the 
softening part changes with mode-II fracture energy.  
 
Figure 6.26 Load-deflection results in the northern arch from FE models with 
different mode-II fracture energy 
6.5.3.3 The effect of the interaction criterion between mode I and II 
The interaction criterion between the two modes is defined using a power law as in 
Eq. 6-9. The power is chosen as =2 for the current FE model. The effect of this 
power ratio was investigated in this section.  
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Figure 6.27 showed that the results from different power ratios. It is shown that a 
small power ratio ( =0.5) leads to a small loading capacity. There is negligible 
effect on the results once the power ratio is greater than 1.   
 
Figure 6.27 Load-deflection results in the northern arch from FE model with 
different power ratio  
6.5.3.4 The effect of the stiffness of the traction-opening law 
The stiffness of the traction-opening law (knn) in the mode-I behaviour for FRP-to-
brick joint is taken as the stiffness of the masonry (16000MPa/mm) in the current 
model. The stiffness of the traction-opening law for the FRP-to-mortar interface is 
assumed as 5000MPa/mm because no data is available. A smaller stiffness implies a 
delay of softening and eventually an increase of the loading capacity.  
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Figure 6.28 shows the results from different stiffness values. It is clear that a lower 
stiffness (knn/2) results in a greater loading capacity due to the delay of softening. It 
indicated that a smaller stiffness of the traction-opening law gives a safe prediction. 
 
Figure 6.28 Load-deflection results in the northern arch from FE model with 
different stiffness in the traction-opening law knn 
6. 6 Conclusions 
This chapter has presented a numerical study on the FRP strengthened masonry arch 
bridge. After reviewing the existing FE model strategies, the challenges of FE 
modelling were addressed. The masonry arch was modelled using the detailed solid 
model developed in Chapter 5 and the FRP-to-masonry bonded joint was modelled 
using zero thickness interface elements combined with a mixed bond behaviour 
model. The FE predictions of the load-deflection, FRP stain, and masonry crack 
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opening width are investigated and compared with the test results.  
The comparison between FE model and test results indicates that the proposed model 
can deliver a reasonably good prediction on the loading capacity of the strengthened 
arches, the debonding strain, the distribution pattern of the FRP strain, and the 
masonry crack opening width. The formation of additional cracks is successfully 
detected by the FE model. The possible reasons for the differences between the FE 
predictions and test results are discussed. The existing damage conditions in the test, 
such as, the formation of the four hinge mechanism and residual deformations; have 
significant effects on the stress distributions.  
In order to investigate the effects of the different models and the material properties 
of the bond interface, two improved models, one including the loading plate and the 
other is considering the pre-damaged condition, are conducted, as well as a 
parametric study. The results showed that the more accurate model with the loading 
plate lead to a better predictions of the debonding strain. Moreover, a further 
improved model considering the pre-damaged condition delivers a more accurate 
prediction compared with the model without considering those effects. With the 
assistance of the parametric study, it is found that the mode-II behaviour of the bond 
joint dominates the structural behaviour before debonding failure occurs. The 
decreasing of the stiffness of the traction-opening behaviour leads to a greater 
loading capacity.  
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CHAPTER 7 
CONCLUSIONS AND FUTURE WORK 
7. 1 Introduction 
Masonry arch structures, like arch bridges, are among the oldest structures used 
worldwide. Through centuries, these structures have accumulated structural damage 
arisen from causes such as unexpected loading, environmental actions, foundation 
settlement, lack of maintenance, as well as extreme events such as earthquakes. It is 
important to safeguard and extend the life of these structures, especially where arch 
bridges form critical links in the transport network and where major disruption would 
result in their closure. Fibre reinforced polymer (FRP) composites have been 
increasingly used for repair and strengthening of structures. Debonding of the bond 
interface is a common and critical failure mode of these strengthened structures. Due 
to the complexity of masonry materials and bond behaviour between FRP and 
masonry arches, FRP strengthened masonry arch structures has drawn significant 
attention in the past decade, yet a deep understanding in terms of behaviour and 
modelling strategy remains elusive.  
This thesis has presented an extensive study into FRP strengthened structures, 
focusing on FRP strengthened masonry arch bridges. A review of FRP strengthened 
masonry and concrete structures in Chapter 2 indicated that the literature mainly 
focused on the global behaviour of FRP strengthened masonry arches, such as 
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loading capacity, failure mode and stiffness, with less contribution to the debonding 
process. In terms of numerical studies, the finite element (FE) modelling of masonry 
arch structures, especially when backfill is present, and FRP strengthened masonry 
arch structures has been less investigated due to difficulties on the modelling of 
masonry and FRP-to-masonry bond interface. In addition, FE modelling of FRP 
bonding concrete substrate is still a challenge due to the difficulties of modelling of 
concrete material. For the above reasons the behaviour of the FRP strengthened 
masonry arches, and the numerical modelling of such strengthening structures need 
to be deeply studied, which have been the main themes of this thesis.  
This chapter presents a summary of and conclusions drawn from the work presented 
in this thesis. Suggestions for further work in this research area are proposed. 
7. 2 Conclusions 
7.2.1 Overall conclusions 
The load carrying capacity of a concrete masonry arch bridge can be significantly 
increased by bonding FRP composites into its intrados because the FRP 
strengthening system allows the line of thrust moving out of the arch profile and 
restraining the opening of the hinge cracks. The debonding would be the critical 
failure mode if the amount of FRP is adequate to avoid such failure modes as 
masonry crushing and FRP rupture. In this case, the ultimate load is reached just 
after debonding failure occurred. For the test bridge in this study, debonding 
occurred at an intrados crack beneath the loading position. The FRP did not 
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completely separate from the masonry arch at the ultimate load, but remained 
attached at both ends. The post-debonding tie action prevented the catastrophic 
collapse and maintained the integrity of the arch despite it being excessively 
deformed.    
A meso-scale numerical model of FRP strengthened concrete substrate under single 
shear (pull-off) test has been developed by modelling the concrete using a concrete 
damaged plasticity model. A damage model based on the plastic degradation theory 
for concrete, where the damage effects of concrete after it enters softening range are 
modelled in terms of the plastic strain degradation rather than the stiffness 
degradation, has been developed. A close agreement between the simulation and the 
experimental results demonstrated the ability of the proposed model to produce the 
global and local behaviour of debonding failure of FRP strengthened concrete 
structures.  
The FE study on the masonry arch structures including backfill was conducted using 
four different modelling strategies. The accuracy of models was controlled by the 
model of the unit-mortar interface and backfill materials. The behaviour of the unit-
mortar interface which controls the formation of hinge mechanism, together with 
proper modelling of backfill, dominate the loading capacity and contact between arch 
and backfill. For modelling the complex system, such as more interfaces existing at 
the multi-ring arches or FRP strengthened masonry arches, a detailed solid model 
was developed and successfully overcame the numerical and modelling difficulties 
using the common zero thickness interface elements.  
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The FE study on the FRP strengthened masonry arch structures was conducted using 
a detailed solid model for the masonry arch and a mixed mode model for the FRP-to-
masonry bond behaviour. This challenge task was overcome by accurately modelling 
the mortar interface in the masonry and FRP-to-masonry bond behaviour. The mode-
II behaviour of the bond joint controls the structural behaviour before debonding 
failure occurs. The existing hinge mechanism and residual deformation prior to FRP 
strengthening can have significant effects on the stress distribution of the structures 
compared with the undamaged one. The debonding strain of FRP and the failure 
mode were properly predicted by the proposed FE model.  
It can be concluded that the proposed FRP strengthening system can successful 
improve the performances of the concrete masonry arch structures. Meanwhile, the 
proposed numerical modelling strategies can give reasonable predictions about the 
behaviour of both masonry arch structures and FRP strengthened concrete masonry 
arch structures. In terms of the environmental loading which weathers the surface of 
voussoirs, the proposed FRP strengthening system may not be applicable due to the 
much weaker material strength leading to lower bond strength. Alternative 
strengthening system, for example, mounted steel mesh, may be a better choice.  
7.2.2 FRP strengthened masonry arch bridge experiments 
Chapter 3 represented a well-designed experimental study of a two span masonry 
arch bridge strengthened with FRP composites. The behaviour of unstrengthened and 
strengthened masonry arch bridges has been investigated.  
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The results showed that the failure of the unstrengthened masonry arch is caused by 
the formation and development of a hinge mechanism in this study, leading to large 
deformations and eventual collapse of the masonry arch.  
The experiment showed that the loading capacity of the masonry arch bridge can be 
significantly increased by bonding FRP composites into its intrados. This is because 
the FRP strengthening allows the line of thrust moving out of the arch profile and 
restraining the opening of the hinge cracks. These benefits consequently reduced the 
deformation and increased its stiffness. By restraining the flexural crack opening at 
the intrados which is necessary for the formation of a hinge mechanism, additional 
cracks are able to form within the masonry. Furthermore, masonry shear cracks (or 
mixed mode flexural-shear cracks) are more likely to form when the four hinge 
mechanism failure load is significantly increased by the FRP strengthening.  
Debonding is the critical failure mode of the strengthened masonry arch structures. 
Therefore, the loading capacity of the strengthened arches is dominated by the 
behaviour of the bond behaviour between the masonry and FRP composites. In the 
test conducted in this project, debonding occurred at the intrados beneath the loading 
position, and two debonding modes were observed. Flexural opening of the masonry 
crack resulted in shear debonding (mode-II) of the FRP on both sides of the crack, 
whereas shear deformation in the masonry results in peeling debonding (mode-I) of 
the FRP to one side of the crack. The debonding at both arches occurred when the 
strain in one of the FRP plates reached a similar value of about 2250 , although 
they were strengthened with different amount of FRP composites. 
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FRP did not completely debond from the masonry arch at the ultimate load, but 
remained attached at both ends. Thus, a post-debonding tie action prevented 
catastrophic collapse and maintained the integrity of the arch despite it being greatly 
deformed. The capacity of the tie mechanism was substantially below the 
strengthened capacity and hence collapse would have occurred immediately in a load 
controlled situation.  
7.2.3 FE modelling of bond behaviour of FRP-to-concrete 
Chapter 4 represented a numerical study on the bond behaviour of FRP-to-concrete 
substrates. This bond behaviour is commonly investigated experimentally through a 
single shear (pull-off) test. After reviewing the existing numerical studies, it is shown 
that the challenge of this task is how to accurately model the concrete in order to 
properly simulate the entire debonding failure.  
A meso-scale model with 1 mm element size was conducted to simulate the 
debonding failure which usually occurs in a thin layer of concrete (about 2-5mm) 
under the FRP composites. In terms of the constitutive model of concrete, a concrete 
damaged plasticity model was adopted and a new damage model was developed. 
This damage model was developed based on the plastic degradation theory for 
concrete. The effects of concrete damage after it enters softening were modelled in 
terms of the plastic strain degradation rather than the common stiffness degradation. 
This damage model considering both the tension and compression states and can be 
easily implemented in ABAQUS.  
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The comparison between FE prediction and experimental data showed that the 
proposed model can successfully simulate the entire debonding failure and predict 
the bond strength. The local behaviour of debonding failure, such as, cracking in 
concrete; can be accurately detected by the FE model as well. The local bond-slip 
relationship extracted from the FE model is in good agreement with those from the 
test and analytical model.  
The effects of different concrete damage models were investigated, highlighted the 
ability of the proposed FE model and its accuracy. The effects of the bonding 
geometry were investigated to verify existing findings, such as, the effective bond 
length theory, and the effects from support conditions. 
7.2.4 FE modelling of masonry arch bridge with sand backfill 
Chapter 5 presented a numerical study on the unstrengthened masonry arch bridge 
which was tested in Chapter 3. The masonry arch bridge failed by the formation of a 
hinge mechanism. Because the hinges formed at the mortar-brick interface. 
Therefore, the accuracy of the FE model should be dominated by modelling of the 
mortar interface.  
A total of four FE models were developed in this study. A homogeneous model is the 
simplest: it treats the masonry as a homogeneous material without modelling the 
mortar interface. The weaker tensile behaviour is smeared into the entire arch so it 
eventually predicts the lowest loading capacity. Both the traction-opening interface 
model and the damaged plasticity interface model used zero thickness interface 
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elements to model the mortar interface. Although both models delivered reasonably 
good predictions of the loading behaviour and the associated hinge mechanism, they 
are not suitable for the complex system once the multi-interfaces intersect, such as 
the FRP strengthened masonry arches and the multi ring arches. A detailed solid 
model is finally developed and it smears the unit-mortar interface behaviour, the 
weak tensile strength, representing the mortar layer, leading to an advantage of being 
able to accurately model the interface behaviour without the need for modelling the 
zero thickness interfaces.  The modelling of the mortar layer avoids the numerical 
difficulties involved in the complex systems. 
The sand backfill was modelled using a Mohr-Coulomb plasticity model. The 
backfill has a significant effect on the load capacity of the masonry arch. The 
presence of the backfill can increase the loading capacity of the masonry arch 
because it can distribute the load and provide a passive pressure. A contact-friction 
model is used to describe the interaction between the backfill and the arches. The 
interaction between the backfill and the masonry arch affects the formation of the 
mechanism and the lateral boundary conditions. 
This chapter forms the foundation for conducting the FE modelling of FRP 
strengthened masonry arch structures in the next chapter.  
7.2.5 FE modelling of FRP strengthened masonry arch 
Chapter 6 presented a numerical study on the FRP strengthened masonry arch 
bridges including the backfill. The strengthened masonry arch structures failed by the 
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debonding at the FRP-to-masonry interface. Therefore, the accuracy of the modelling 
of the bond behaviour of FRP-to-masonry together with the modelling of the 
masonry arches dominates the performance of the FE model.  
The masonry arch bridges were modelled using the detailed solid model developed in 
Chapter 5, which is able to model the structure with the intersection of multi-
interfaces. The bond joint of FRP-to-masonry was modelled using zero thickness 
interface elements and a mixed traction-opening model. The mode-I behaviour of the 
bond interface is taken as the tensile behaviour of the masonry composites because 
the test described in Chapter 3 and the existing studies showed the mode-I debonding 
failure occurs with the brick unit and mortar. The mode-II behaviour of the bond 
interface was modelled using Lu et al.’s (2005a) bond-slip relationship. Moreover, 
the mode-II behaviour of the bond joint dominates the structural behaviour before 
debonding failure occurs. The existing hinge mechanism and the residual deflection 
due to damage before strengthening have significant effects on the stress distribution 
in the structure. The debonding strain of FRP and the loading capacity can be 
accurately predicted by the proposed FE model. The FE model can successfully 
detect the formation of additional cracks in the strengthened masonry arches. The 
advanced FE model considering the pre-damaged condition can deliver more 
accurate predictions compared with the one without considering it.  
Through the investigation of the effects of the parameters involved in the FRP-to-
masonry bond behaviour, it is found that the mode-II behaviour of bond interface 
dominates the behaviour of the FRP-to-masonry until debonding occurs. The elastic 
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behaviour of the bond interface controls the onset of the damage and the softening 
behaviour of the bond interface dominates the debonding load.   
7. 3 Recommendation for the future work 
The research work conducted in this study represents an in-depth investigation into 
the FRP strengthened masonry arch structures, resulting in a good understanding of 
this type of structures and the fundamental mechanisms. However, the effects of 
many of the contributory factors have not been investigated due to time limitation. 
Further research is required to investigate their effects and further improve our 
understanding so that more rational and economical design methods can be 
developed. Example areas for further investigation are listed as follows. 
a) Only one third scale masonry arch bridge was tested in this study. More tests 
needs to be conducted with different strengthening parameters, such as different 
amount of FRP strengthening, and strengthening in different parts of the structure. 
More detailed FRP strain distribution measurement would be helpful and necessary. 
b) The effect of initial damage to the arch structure. The damage situation needs to 
be accurately simulated in the FE models in order to deliver a good prediction.  
c) The bond behaviour of FRP-to-masonry in a curved bond joint needs to be 
investigated further in experimental study. A hinge mechanism could be used to 
connect two flat or curved masonry beams which are bonded with FRP. The system 
can be tested under a bending action as shown in Figure 2.7e. The experimental 
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results can be validated by using either the proposed the concrete damaged plasticity 
model or other methods such as more classical fracture mechanics analyses. The 
interaction between Mode I and Mode II is of particular concern. 
d) The interaction between arch and backfill needs to be further investigated in terms 
of the stress distribution and transfer.  
e) In terms of the behaviour of FRP strengthened masonry arch structures, some of 
the contributory factors have not been investigated in this study and in the literatures. 
Examples include the shape and thickness of the arch and the thickness of the mortar 
etc. In particular, the behaviour of multiple-ring arches can behaviour very 
differently with different failure modes such as ring separation. Further studies are 
required to understand the effects of these factors. 
f) Development of guidelines for the FRP strengthened masonry arch bridges that 
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Calculation for the debond strain by using the model proposed by Chen and 
Teng (2002) 
This section reports the calculation for the debond strain of FRP strengthened 
concrete masonry arch bridge in the Chapter 3. The paramters were summarized in 
Table A1-1. The debond strain can be calculated by using Eq A1-1 to A1-5.  
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Hughes et al. (2002) spreadsheet calculations for the mechanism analysis of 
masonry arch bridge 
The full details of this program and the software can be found from the following 
link: http://www.masonry.engineering.cf.ac.uk/. The theory and analysis of this 
spreadsheet program can be found from Hughes et al. (2002). 
The spreadsheet was developed on a Microsoft Excel spreadsheet. The spreadsheet 
contains six macros that control the initialisation of the analysis, the running of the 
various modes of analysis and the drawing of the graphs.  The main activity within 
the macros that run the analysis is to set up the appropriate constraints in 
optimisation routine. 
The input data of the geometry of the arch was shown in Table A2-1, the material 
properties of the masonry arch was shown in Table A2-2, the properties of the 
backfill was shown in Table A2-3, and the loading condition was shown in Table 
A2-4.  
Table A2-1 Arch geometry data 
Span (m) L 2.08 
Rise at crown (m) rise 1.04 
Fill at crown (m) fill 0.24 
Ring thickness (m) d 0.1 
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 Table A2-2 Masonry material properties  
Masonry density (kN/m
3
) dens_m 24.0 
Yield stress (N/mm2) stress 25.0 
Mortar Loss (m) mloss 0.000 
Table A2-3 Properties of backfill 
Fill density (kN/m3) dens_f 15.2 
Phi (degrees) phi 33 
Factor e 0.2 
Ratio height f 0.2 
Cohesion (kN/m2) C 0 
Table A2-4 Loading condition 
Load dimension (m) wheel 0.57 
Dispersion angle (degrees) disp 30 
Position (x/span) (when fixed) 0.25 
All remaining cells in the spreadsheet are calculated automatically by running the 
spreadsheet optimisation macros. The results inclueding the load carrying capacity of 





List of modelling parameters 
This section summaries the modelling parametrs required in the FE analysis in the 
study. For modelling the bond behaviour of FRP-to-concrete substrates (i.e. concrete 
bricks in the Chapter 4), the parameters and equations were summarised in Table A3-
1. 
Table A3-1 Modelling parameters for the bond behaviour of FRP-to-concrete 
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da=maximum aggreagte size (20mm usually 


















For modelling of masonry arch bridge with sand backfill in Chapter 5, the parameters 
were summarized in Table A3-2.  
Table A3-2 Modelling parameters for the masonry arch bridge 
Model Parameters Ref. 
MPaf cb 2.58  Test 
cbb fE 4730  ACI 318 (2002) 
Compressive 
behaviour 
~  (Eq. 5-1) Saenz (1964) 
tbf  (Eq. 5-12) ACI 318 (2002) 
w~  (Eq. 5-2 & 5-3) 







fbG  (Eq. 5-4) CEB-FIP (1991) 
MPafci 12  BS 998-2 (2010) Compressive 
behaviour 
~  (Eq. 5-1) Saenz (1964) 
MPaf ti 1.0   Test 
w~  (Eq. 5-2 & 5-3) 










Effects of this parameter 





Prentice (1996) and 
Thavalingam et al. 
(2001) for the same 
sand. 
o33  








(cohesion of material) 
Assumprtion for 
cohesionless 
material to avoid the 
numercial problem 
when c is too small 
For modelling of FRP strengthening masonry arch bridge in Chapter 6, apart from 
the parameters for the masony arch, the parameters for the bond interface were 
already summarized in Table 6-2.  
